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BLAST PHENOMENA FROM A NUCLEAR BURST 


Ferd E. Anderson, Jr.,1 A.M. ASCE 
(Proc. Paper 1836) 


SYNOPSIS 


This paper discribes briefly the air blast and ground shock free field 
phenomena associated with a nuclear burst. The data presented extend those 
presented in the publication, “The Effects of Nuclear Weapons.” This infor- 
mation is intended to aid the engineer responsible for the design of blast 
resistant structures. 


The purpose of this paper is to describe the basic blast and shock 
phenomena that occur in the air and in the ground as a result of a nuclear 
explosion. These phenomena are described as “free field phenomena,” mean- 
ing that these are the transient conditions in the air or ground when no target 
or structure is interposed. An understanding of these phenomena is necessary 
for those who must design blast resistant structures. 

The recently released document “The Effects of Nuclear Weapons,” (ENW) 
prepared by the Department of Defense and published by the Atomic Energy 
Commission, covers in considerable detail air blast and ground shock and 
constitutes the main source of information for this paper. This information 
has been extended to more fully cover the problem of protective construction. 

The ENW presents information for a surface burst and a typical air burst. 
A close look at the air burst data shows that complete protection from such a 
burst could be readily designed. The surface burst presents the worst over- 
all conditions against which to protect and therefore it is assumed that anyone 
designing protection would design for surface burst conditions. The surface 
burst, of course, creates a crater, high intensity local fallout, and extreme 
blast pressures on the surface of the ground. The upper limit for blast 
resistance has not been reached but the evolution of protective construction 


Note: Discussion open until April 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 1836 is 
part of the copyrighted Journal of the Structural Division, Proceedings of the 
American Society of Civil Engineers, Vol. 84, No. ST 7, November, 1958. 
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has exceeded the hundred pounds per square inch level. Surface burst cra- 
ters are fully discussed in the ENW. Fallout protection is not within the scope 
of this discussion. The remainder of this discussion will concern surface 
bursts only. 

The ENW information on surface burst air blast pressures extends to 100 
psi for both peak overpressure and peak dynamic pressure. Overpressure is 
the transient (pseudo-static) pressure exceeding the ambient atmospheric 
pressure. Dynamic pressure is the pressure that results from the mass flow 
of the air behind the shock front and is customarily defined as q = 1/2 PH2 
where P = air density and H = the air particle velocity. The peak values 
versus distance of both of these pressures are indicated in figure 1, from one 
to 1000 psi for 1 KT. One kiloton (KT) is used as a base point for the expres- 
sion of most blast phenomena since values for other weapon sizes can be ob- 
tained by applying cube root scaling procedures. The distance at which a 
given peak pressure is obtained is proportional to the cube root of the weapon 
yield. 

At a given distance the pressure-time relationship is generally expressed 
as shown in figure 2. These equations of decay apply to relatively low pres- 
sures of 10 to 20 psi overpressure. For descriptions of the theoretical wave 
shapes for high pressures see a paper by H. L. Brode entitled “Numerical 
Solution of Spherical Blast Waves.” 

Experience has shown that above about 20 to 30 psi overpressure from a 
surface burst, or at distances less than 200 yd. for 1 KT, the turbulence 
existing in the blast wave has caused p(t) & q(t) overpressure-time and 
dynamic-pressure-time functions to deviate from the ideal or theoretical 
type blast waves shown in figure 2. The pressure time function will be of 
the type shown in figure 3. 

Approximate values of the rise time, t,, for 1 KT are 3 to 5 msec. 

The values of ty are expected to scale as the cube root of the weapon yield. 
Therefore for megaton range weapons the rise times may be of the order of 
50 to 100 msec. The rise time will reduce any reflections of the overpres- 
sure of such a shock wave striking a structure surface below the reflected 
values obtained from a shock wave with an instantaneous rise time (fig. 2 
and pg. 100 of ENW Par. 3.81). On the other hand, the dynamic pressures 
have increased in this region to about twice the theoretical value. (Fig. 1 
shows this as a hump in the q curve.) The irregularities just described do 
not seem to exist at overpressure levels above 200 psi for a surface burst. 

The positive phase durations (t,) for a 1 KT surface burst are given in 
fig. 4. The shock front velocity is given by the 1st equation on pg. 99 of ENW. 

The durations are proportional to W1/3 at distances proportional to W1/3., 
The distance at which a given shock front velocity occurs is proportional to 
the w1/3, During the negative phase of the blast wave the overpressures 
become less than atmospheric and the dynamic pressures reverse direction, 
the winds now blowing toward ground zero. The maximum negative over- 
pressure that can be obtained is about 4 psi below atmospheric. In some 
cases this may be important in structure design. The reversed dynamic 
pressures are very small and can be ignored. 

Earth stresses, accelerations and displacements occur as a result of 
direct ground shock and air blast induced ground shock. The direct ground 
shock is defined as the shock wave that travels entirely through the ground 
from the point of detonation on the surface to the point of interest at some 
distance from the burst. The air blast induced ground shock is the ground 
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FIGURE 2 
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shock set up at some distance from the burst by the air blast overpressures 
traveling over the ground above the point of interest. The problem of evalu- 
ating stresses, accelerations and displacements presents considerable diffi- 
culty. The effects of depth of measurement, type of soil, and weapon size are 
major uncertainties. Therefore, although air blast phenomena are known to 
an accuracy of about + 25%, the ground shock phenomena may be inaccurate 
by a factor of 2 or 3. 

From high yield (megaton) surface bursts, where the point of interest in 
the ground is at a depth of less than 50 ft., the air blast induced ground shock 
will predominate over the direct ground shock in producing stresses, ac- 
celerations, and displacements at distances from GZ ground zero where air 
overpressures are less than 300 psi. Assuming that the region of interest is 
above a 50 ft. depth and at pressures less than 300 psi for megaton bursts, it 
is further assumed then that the direct ground shock can usually be ignored. 
At overpressures of 100 psi, the direct ground shock will be of little or no 
importance. 

The direction of propagation of the air induced ground shock is related to 
the velocity of the airblast wave (see above) and the vertical seismic velocity 
of the soil. (see fig. 5) 

Although the maximum stress is not perpendicular to the shock front, this 
representation does indicate the sequence in which an underground structure 
will be loaded. The vertical stresses in the soil are equal to the air blast 
overpressure at the surface and can be considered as not attenuated to depth 
of 50 ft. At some depth (unknown but probably greater than 50') attenuation 
does become significant. Horizontal stresses may be as low as 15% of the 
air blast pressures in loose, dry soil, about 50% in moist soil and approach 
100% in saturated soils. It is recommended that 50% be used for soils above 
the water table and 100% in soil below the water table. The rise times of the 
earth stresses will be increased over the rise time of the air blast overpres- 
sure as depth is increased. 

Accompanying the ground shock are accelerations which have been 
measured in the vertical and horizontal (lateral and radial) directions. 
Vertical accelerations at a 10 ft. depth are related to the surface air blast 
pressures by the following equation: 


Aio = .053 pl-2 
where Ajg = the peak vertical acceleration at a 10 ft. depth in i 
P = the surface air blast overpressure in psi. 
The attenuation with depth of the vertical accelerations is given as 


Vy 
where A = peak vertical acceleration at a depth greater than 10 ft. 
y = depth, >10, in feet, of the point of measurement. 


Horizontal accelerations are evaluated at a point as 70% of the vertical 
accelerations. These peak accelerations expressed above are spikes on an 
erratic acceleration vs time function where the spikes have durations of 
about 20 msec. (See fig. 6) 

Displacements of the soil, both transient and permanent, are expected to 
vary considerably with soil type and water content of the soil. For 
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compressible dry soils, which probably represent soils in which the greatest 
displacements will occur, at about 300 psi the surface will have a permanent 
vertical displacement of about 4 inches. At about 50 psi there ceases to exist 
Y noticeable displacements. The transient displacements are roughly three j 
; times the permanent. The displacements decrease with increasing depth so ai 
. that at 300 psi there are essentially no displacements at a depth of 150 ft. 
(See fig. 7) 

The difference in maximum transient displacements does not represent the 
maximum relative displacements between two depths because the maximum at 
each depth occurs at a slightly different time. Therefore the maximum rela- 
» tive displacement between two points may approach the maximum transient BS 

displacement of the shallower point. < 
The above discussion has presented blast and shock data as best evaluated 
at the present. Continued research and analysis of test data will provide some 
refinements to the evaluation. There is a considerable bulk of test data that 
have been analyzed in only a preliminary way to date. In addition, the use of 
shock tubes, wind tunnels and high explosive tests continue to provide better 
correlation between the phenomena described and the loading and response of 
structures subjected to such phenomena. Subjects under study are (1) effects 4 
of varied topography on the blast wave (2) blast wave conditions within the 7 
built-up area of a city (3) loading from high dynamic pressures on stream- _ 
lined structural shapes (4) underground phenomena and loading. 
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2. “Numerical Solution of Spherical Blast Waves” H. L. Brode, Journal of 
. Applied Physics, 26, 766 (1959). 
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FIGURE 6 
TYPICAL ACCELERATION VS TIME RECORD 
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BLAST LOADING ON STRUCTURES® 


H. L. Murphy,! M. ASCE 
(Proc. Paper 1837) 


ABSTRACT 


An introductory discussion of blast loading on structures is presented in 
terms of nuclear blast phenomena and as related to closed rectangular struc- 
tures aboveground, semi-buried and underground. 


INTRODUCTION 


The blast loading on a structure is a function of the incident blast wave 
characteristics; that is, overpressure, dynamic pressure, reflected pressure 
in some cases, and shock front and seismic velocities - all discussed in de- 
tail in Captain Anderson’s paper(1) - plus the size, shape, orientation and 
response of the structure (Table 1).(2) The interaction of the incident blast 
wave with a structure is a complicated process for which theory has been de- 
veloped, the theory being supported primarily by test data from shock tubes 
and wind tunnels, but also by model and full-scale tests with HE and nuclear 
weapons. This applies at least to the simplified type structures which will be 
discussed. However, the complex blast loading problem may be reduced to 


reasonable terms by assuming that the overpressures of interest are less than 


say 50 psi aboveground and 100 psi underground and that the aboveground 
structures are in the Mach region. 


Underground Box-Like Structure 


Because it will reduce some of the parameters involved in the loading, it 
is perhaps desirable to look first at a buried box-like structure, figure la, 


Note: Discussion open until April 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 1837 is 
part of the copyrighted Journal of the Structural Division, Proceedings of the 
American Society of Civil Engineers, Vol. 84, No. ST 7, November, 1958. 

a. Presented at the October 1957 ASCE Convention in New York, N. Y. 

1, Comdr., Civ. Engr. Corps, U.S.N.R., Director, Passive Defense Div. 
Bureau of Yards & Docks, Navy Dept., Washington D. C. 
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TABLE I = BLAST WAVE CHARACTERISTICS 


Characteristics Unit 


Peak overpressure psi 


Pp Overpressure variation w/time psi 3,82 
Pr Peak reflected pressure psi 3.80 
q Pek dynamic pressure psi 3.95 
q(t) Dynamic pressure vatiation w/time psi 3,82 
te Duration of positive phase sec 3.% 
U Blast front (shock) velocity ft/sec 3.80 


Cc Seismic velocity ft/sec 


(*) see Table II 


buried 5 to 20 feet. Actual depth may depend upon the prompt and fallout 
radiation shielding requirements. The only loading will be from the (non- 
directional) overpressure, since burial will eliminate any effects from the 
(directional) dynamic pressure. The loading on this structure in an air 

burst differs for locations in the Mach region, which is the area beyond a 
radial ground distance approximately equal to the height of burst, versus the 
closer-in region, known as the region of regular reflection. Only the latter 
region will be discussed in this section, but the aboveground structure dis- 
cussed in a later section is assumed to be located in the Mach region. This 
means that the blast front will be moving downward at some angle, simplified 
by treating as if vertical. Assuming shallow burial and that the covering soil 
has been compacted mechanically or by time, the roof loading becomes simply 
the blast wave overpressure, figure 1b.(1,2) The scales for all loading graphs 


in this paper are unit load (pounds per square inch) on the ordinate and time 
(seconds) on the abscissa. 


Sidewall Loading 


The loading at any point on the sidewall would vary as the overpressure, 
figure 1b, but the actual values may be as low as 15% of the overpressure in 
dry, well-compacted, silty soils to 100% in porous, saturated soils. A value 
of approximately 50% is suggested for most non-saturated soil situations, 
and 100% for saturated soils. Another reducing factor is that the wave peak 
tends to be slightly reduced, or rounded-off, with depth. Using the arrival 
of the peak overpressure at the roof line as time zero, the sidewalls will be 
engulfed in a time dependent upon the height of the sidewall, H, and the seismic 
velocity, Cg, for the particular soil involved. Seismic velocity values vary 
from approximately 600 to 20,000 feet per second(3) as indicated in the values 
in Table II. 

Figure 1c(3) represents the average loading on the sidewall, beginning 
with zero load at zero time when the blast front reaches the roofline, and 
reaching a maximum when the blast front reaches the wall base at time H/Cg, 
the length of time taken by the blast front to extend down the sidewall. How- 
ever, during this same time, H/Cg, the pressure at the roofline has decayed 
to a point in time of H/Csg, in figure 1b; the average pressure on the wall 
would be approximately that at the midpoint of the curve section (or the 
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TABLE II - SOIL FACTORS 


Soil e *Seismic Velocity, C 
yeismic Velocity, vs 


Top soil (light gray) 600 
Top soil (moist, loamy silt) 1,000 
Top soil (clayey) 1,300 
Top soil (semi-consolidated sandy clay) 1,250 
Wet loam - 

Clay (dense, wet, depending on depth) 3,000 
Rubble or gravel 1,970 
Cemented sand 2,800 
Water-saturated sand - 

Sand 4,600 
Sand clay 3,200 
Cemented sand clay 3,800 
Clay, clayey sandstone « 

Loose rock talus 1,250 
Weather-fractured rock 1,500 
Weather-fractured shale 7,000 
Weather-fractured sandstone 4,250 
Granite (slightly seamed ) - 

Limestone (massive) 16,400 


(*) in feet per second 


mid-height of the wall). This average is the overpressure curve, figure 1b, 
decayed to 1/2 H/Cg. Therefore, to construct figure 1c, the overpressure 
curve of figure 1b is simply displaced in time by 1/2 H/Cs, with the maximum 
average load being reached in another time lapse of 1/2 H/Cg or at a total 
time oi H/Cg as shown. Of course the overpressure curve is subject to the 
same percentage corrections for soils mentioned above for point loading. 

It should be emphasized that figure 1c and other graphs showing finite 
rise-times are not to scale, but have been distorted for display purposes. 
For example, figure 1c should show a much steeper rise and much longer 
decay than as drawn, even for kiloton weapons (ratio of time to peak versus 
total positive phase duration would be 1 to 50 or more for a 20 KT weapon). 


Floor Loading 


The upward loading on the floor(5) would be approximately the same as the 
roof if the structure is rigid and monolithic. In a flexible structure, the load- 
ing would be reduced considerably, perhaps to 1/2 or less of that for the rigid 
structure. If the floor is not tied to the sidewalls so that relative displace- 
ment can take place, little or no blast loading need be considered. 


Simplifications 


The foregoing has dealt with an air burst blast loading within the region of 
regular reflection. The loading in the Mach region, or the loading anywhere 
from a surface burst, can become about as complicated as desired, by such 
things as establishing angles of incidence varying with the shock front and 
seismic velocities. However, the limit situation would be when the sidewalls 
receive a similar incident loading to that previously discussed for the roof. 

Since it would be difficult to predict the nature of a future attack, both as 
to air or surface burst and as to direction of the burst, structural design 


900 
1,300 
2,000 
2,150 
2,500 
5,900 
2,600 
3,200 
4,600 
8,400 
3,800 
4,200 
5,900 
2,500 
10,000 
11,000 
9,000 
10,000 3 
20,200 


ASCE 


BLAST LOADING 1837-5 


should be such as to maximize the potential strength for any attack. The ob- 
vious simplification then is to design roof and all sidewalls for the overpres- 
sure, with the floor free of the sidewalls and their footings. A further sim- 
plification(4) is to alter the overpressure loading to a triangular one, varying 
linearly from the same peak overpressure, but to zero at a time approxi- 
mately equal to 3/4 of the positive phase duration, (t,). 

. None of the foregoing discussion of blast loading on a buried structure 
should be interpreted as in any way reducing the conventional problems in- 
herent in the planning and design of buried structures, whether the loading be 

from static loads, dynamic wheel loads or dynamic blast loads. 


Semi- Buried Structure 


Figure 2 is intended to illustrate the desirable extent of earth cover for 
semi-buried structures - the dash lines extend upward at approximately 45° 
from the structure base. This extent of earth cover largely eliminates the 
(directional) dynamic loading, a particularly important consideration in the 
case of the arch structure, figure 2b, which has a high degree of resistance 

to symmetrical loads but poor capability for asymmetrical loads. For ex- 
ample, a corrugated metal (10-ga.) arch structure 25' x 48' with earth cover 
conforming to the arch shape (semi-circular) has been found to have a peak 
overpressure capability of approximately 10-15 psi, whereas the same struc- 
ture with careful construction and the extended cover mentioned above will 
resist at least 50-60 psi unreinforced and 90-100 psi reinforced.(5,6) For 
the box-like structure, figure 2a, the economy of extending the earth cover 

as shown should be reviewed against using less (or no) earth cover and design 
of the structure to take the (directional) dynamic loading. 


Aboveground Closed Box-Like Structure 


For a brief, generalized look at the aboveground blast loading process, a 
cube with one side facing towards the explosion will be used as an example 
(figure 3). Assume that the cube is rigid and motionless, and that the blast 
wave front is essentially vertical and extends upward several times the height 
of the cube. Pressures discussed will be average pressures, since they are 
the most pertinent to blast loadings of interest here. As the blast wave strikes 
the front face, a reflection bccurs producing reflected pressures which may 
be from two to eight times as great as the (incident) overpressure discussed 
earlier. The blast wave then bends (or diffracts) around the cube exerting 
pressures on the sides and top of the object, and then on its rear face. The 
object is thus engulfed in the high pressure of the blast wave; this situation 
decays with time, eventually returning to ambient conditions. Because the 
reflected pressure on the front face is greater than the pressure in the blast 
wave above and to the sides, the reflected pressure cannot be maintained and 
soon decays to a “stagnation pressure,” which is the sum of the incident over- 
pressure and the dynamic pressure. The decay time is roughly that required 
for a rarefraction wave to sweep from the edges of the front face to the cen- 
ter of this face and back to the edges. 

The pressures on the sides and top of the cube build up to the incident 
overpressure when the blast front arrives at the points in question. This is 
followed by a short period of low pressure caused by a vortex formed at the 
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front edge during the diffraction process and which travels along or near the 
surface behind the blast front (figure 3B). After the vortex has passed, the 
pressure returns to nearly that of the incident blast wave, which decays with 
time, of course, the slight reduction of average loading on the sides and top 
being due to the complex air flow. 

When the blast wave reaches the rear face of the cube, it diffracts around 
the edges, and travels down and across the back surface (figure 3C). The B 
pressure takes a certain rise-time to reach a more-or-less steady state di 
value equal to the (non-directional) overpressure, which is exerted towards 
the back face, less a pressure of about half the value of the (directional) 
dynamic pressure. The finite rise-time is due to a weakening of the blast ” 
front as it diffracts around the back edges, accompanied by a temporary 
vortex action, and the time of transit of the blast wave from the edges to the 
center of the rear face. 

When the overpressure at the rear of the cube attains the value of the 
overpressure in the blast wave, the diffraction process may be considered to 
have terminated. Subsequently, more-or-less steady state conditions may be 
assumed to exist until the pressures have returned to the ambient value pre- 
vailing prior to the arrival of the blast wave. 

The foregoing discussion has referred to the loading on the various sur- 
faces in a general manner. For a particular point on a surface, the loading 
depends also on the distance from the point to the various edges and a more 
detailed treatment is necessary. It should be noted that only the gross 
characteristics of the development of the loading have been described here. 
There are, in fact, several cycles of reflected and rarefaction waves travel- 
ing across the surfaces before damping out, but these fluctuations are con- 
sidered to be of minor significance as far as loading on the structure is Ae 
concerned. 

This process of a blast wave diffracting around a cube is discussed in 
more detail in reference 2, articles 6.46-6.61, with which comment discus- 
sion of average loading graphs for each face of the cube may proceed. 


Front Wall 


Figure 4a assigns algebraic values to the height (H), width (B) and length 
(L) of the cube representing a diffraction-type structure. Using arrival of 
the blast front at the front wall as time zero for all loadings, figure 4b indi- 
cates the loading on the front wall. Rise-time is considered instantaneous 
to the value of the reflected pressure, from which the loading decays approxi- 
mately linearly to the stagnation pressure, that is, the sum of the overpres- 
sure and dynamic pressure, in a (clearance) time equal to 3S/U. The *S” 
introduced here is the minimum clearance distance from the mid-point of the 
front wall base to any edge; that is, S equals H or B/2, whichever is less. 


After the clearance time, the loading equals the sum of the overpressure and 
dynamic pressure. 


Back Wall 


As indicated previously, the loading on the back wall, figure 4c, is a func- 
tion of the overpressure less approximately half the dynamic pressure. Thus 
the average loading on the back wall begins with the arrival of the blast wave 
at the rear edge of the cube, or in a time equal to L/U, the length of the cube 
divided by the velocity of the blast front. The time required for the blast wave 
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to engulf the rear wall and reach a maximum amounts to 4S/U, or a total time 
from time zero of (L44S) /U. From this point, the usual decay prevails. 


Net Translational Loading 


The loading which tends to slide or overturn the structure as a whole is 
&§ represented by the difference between the loading on the front wall and the 
loading on the back wall, as indicated by the cross-hatched area of figure 4d. 
Depending on the length of the structure and the weapon yield, this loading 
can change from positive to negative as it (barely) has in figure 4d. A struc- 
gg ture more than approximately 250 ft long loaded by blast from a low-kiloton- 
range weapon may be expected to have such a reversal of net loading. 


Roof and Sidewalls 


The roof loading, figure 4e, is developed in much the same manner as was 
the underground sidewall loading, figure 1c. The curved portion of the roof 
loading, figure 4e, is the same shape as that of figure 4c, that is, “p” minus 
“q/2,” but displaced differently in time and thus having a different rise-time. 
The average loading is zero at time zero, when the blast wave strikes the 
front wall, rising linearly to a maximum when the wave reaches the back wall 
at time L/U. At the time of maximum average loading, L/U: the point load- 
ing at the back wall is at the maximum of “p” minus *q/2”; the point loading 
at the front wall has decayed to time L/U; thus the average is a decay of 
1/2L/U as indicated in figure 4e. The average loading goes to zero at a time 
equal to the duration of the positive phase plus 1/2 L/U, at which time there 
is, theoretically at least, a slight positive loading on the rear half of the roof 
and a slight negative loading on the forward half of the roof. The average 
sidewall loading is the same as the roof loading. 


Drag Coefficients 


Space permits only passing discussion of drag coefficients, (2) which have 
been hidden up to this point and which, applied to the dynamic pressure, es- 
tablish the drag pressure. The back wall, roof, and sidewall values using the 
“overpressure less approximately half the dynamic pressure” included the 
use of a drag coefficient, without saying so, of “-1/2.” Such coefficients 
have been empirically determined largely through wind tunnel and shock tube 
tests. The blast wave in leaping over the roof and around the side and back 
walls creates vortices, as previously mentioned, which tend to vary with the 
dynamic pressure, as one might expect, and serve to reduce the overpressure; 
thus there is a negative drag coefficient. For the front wall, both overpres- 
sure and dynamic pressure impinge on this flat surface and thus the “hidden” 
“q” drag coefficient was “+1,” as indicated in figure 4b by decay from the 
reflected pressure to a curve representing “the sum of the overpressure and 
dynamic pressure.” 

The negative phase of the blast loading, that is where pressure is less than 
normal atmospheric, has not been overlooked and, while usually not of design 
consequence, should be examined in each aboveground closed-structure situa- 
tion, particularly in the case of the long duration pulse from a megaton weapon. 


Simplifications 


As in the case of the underground structure, certain simplifications of the 
foregoing theoretical loadings are appropriate. The blast orientation of the 
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structure should normally not be assumed as known; even when a structure 

is located at a considerable distance from the one and only potential nuclear 
target in the very large surrounding area, thus indicating a definite orienta- 
tion, the enemy may choose to attack this target primarily with fallout from 
a surface or underground burst located upwind and thereby upset the planned 
blast orientation of the structure under design. This lack of known orienta- 

tion indicates use of the front wall loading for all walls. A further simplifica- -_ 
tion of the front wall loading is to use the straight-line portion as previously 
shown, figure 4b, but alter the curved portion to a straight line with the same 
starting point, and extending: (a) to zero at time 0.75 t, for kiloton weapons, 
or (b) horizontally for megaton weapons (i.e., as if a static load). A simpli- 

fication of the net translational force, figure 4d, is available.(4) 


General 


In the graphs of overpressure and reflected pressure, a zero rise-time has 
been shown, i.e., the left side of the graphs are vertical, as in figures 1b, 4b 
and 4d. A current paper(1) furnishes some newly-released data on this mat- 
ter of finite rise-times, and the matter is important in at least two ways. A 
finite rise-time can considerably change the effect of loading on a structure, 
varying with the length of rise-time, to the point that the loading quickly ap- 
proaches a static loading in its effect. Also, a finite rise-time rapidly re- 
duces the peak reflected pressure (as occurring in figure 4b), the limit being 
no reflected pressure and the peak load becoming “p” plus “q.” 

The “Effects of Nuclear Weapons”(2) in articles 6.69-6.87 discusses load- 
ings on partially-open, open-frame, and cylindrical structures, as well as the 
closed box-like structure discussed above. The loadings presented may ap- 
pear somewhat complicated due to expressing mathematically the shifting of 
a curve in relation to time, as described above for figures 1b and lc. The 
E.N.W. discussion of underground structures, articles 6.7-6.11, is somewhat 
limited. 

Dr. Newmark’s A.S.C.E. Transactions paper(4) discusses loadings on 
closed, partially-open, and oy aboveground rectangular structures. 

Captain Anderson’s paper 5) is not generally available, but its more per- 
tinent points on the development, history and limitations of blast loading in- 
formation are included in his current paper.(1) 

The extensive manual by the Office of the Chief of Engineers, U.S. Army{3) 
consists of eleven “Parts.” Whether or not this manual will be made available 
through public sale by the Supt. of Documents had not been established as of a 
recent inquiry. It is hoped that the manual will be made available, at least 
through technical libraries. 

It is hoped that the foregoing introductory treatment of a broad subject has 
at least aroused the interest of the reader. Much additional protection of 
structures having potential defense shelter use can be gained simply by the 
designer having some basic understanding of the effects and loadings result- 
ing from a nuclear detonation. This is particularly true in a large urban area 
where even low-level protection will reduce the radius, and thus the area, of 
damage resulting from any given attack. 


. 
at 
be 


BLAST LOADING 1837-11 
RE FERENCES 
. “Blast Phenomena” by Captain Ferd E. Anderson, Jr., A.M., ASCE; 
ASCE Proceedings Paper No. m 


. “The Effects of Nuclear Weapons” (1957) by Glasstone, AFSWP and AEC; 
Supt. of Documents, Washington 25, D. C., $2.00 (paperbound); commonly 
referred to as the “ENW.” 


. Draft of “The Design of Structures to Resist the Effects of Atomic 
Weapons,” by Office of Chief of Engineers, U. S. Army (In press). 


. “An Engineering Approach to Blast-Resistant Design” by Nathan M. 
Newmark; A.S.C.E. Transactions Vol. 121, 1956, Paper No. 2786. 


. Unpublished paper, “Blast Loading of Structures and Target Response, 
Full Scale and Model Tests” by Capt. Ferd E. Anderson, Jr.; Armed 
Forces Special Weapons Project, Washington 25, D. C. 


- “New BuDocks Shelter Developments” by Comdr. H. L. Murphy; 


BuDocks Technical Digest, April 1958; Bureau of Yards and Docks, 
Washington 25, D. C. 


A 
2 
a 
7 
a 
5 
Te 
vad 


= 


November, 1958 


Journal of the 
STRUCTURAL DIVISION 


Proceedings of the American Society of Civil Engineers 


THE FACTOR OF SAFETY IN DESIGN OF TIMBER STRUCTURES* 


Lyman W. Wood! 
(Proc. Paper 1838) 


SYNOPSIS 


Much of the reduction in the average strength of clear wood that is made to 
obtain a design stress is made necessary by the conditions of structural use; 
it does not in itself produce a margin for safety. A simple way to estimate 
safety is to use near-minimum values for these conversion factors and then to 
make a further reduction for unforeseen conditions. This method may indicate 
a near-minimum factor of safety of 1-1/4 to 1-1/2. 

A better evaluation is made by recognizing that there are many factors in 
strength and use that affect safety, and that each factor is multivalued and ex- 
pressible by a frequency distribution. By suitable mathematical operations, 
these can be combined into one frequency distribution that shows the range of 
the true factor of safety. An example of this kind of evaluation indicates that 
the most probable values of the factor of safety in timber design are in the 
range of 2 to 2-1/2, and that nearly all values are in the range of 1 to 4. The 
same distribution can be used to indicate the probability of failure and to show 
how that probability is related to the working stress level. 


INTRODUCTION 


Timber engineers are naturally concerned with the safety of the structures 
they design. Safety is the primary objective of building codes and the first 
duty of the building official. Much thought has been given to the factor of 
safety in design with steel, concrete, and other structural materials. This 
paper deals with the work of the U.S. Forest Products Laboratory on the 
establishment of factors of safety for timber construction. 

What is a factor of safety? A material may have an average strength value 


Note: Discussion open until April 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 1838 is 
part of the copyrighted Journal of the Structural Division, Proceedings of the 
American Society of Civil Engineers, Vol. 84, No. ST 7, November, 1958. 

a. Presented at the June 1958 convention in Portland, Oregon. 
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of 10,000 pounds per square inch, and may be used with a design stress of 
2,000 pounds per square inch. Superficially, it might be said that there isa 
factor of safety of 5; yet this is generally not true. Much of the reduction to 
the design-stress level may be necessary to convert from the conditions of 
laboratory test to those of structural use; that part of the reduction does not 
produce a margin for safety. It seems more reasonable to think of the factor 
of safety as a provision for something beyond the foreseeable conditions of 
structural use. The factor of safety is almost a “factor of ignorance.” 

This is not a new idea. Newlin(4) reported to the American Society of 
Civil Engineers 30 years ago that “The average timber has a factor of safety 
of about 2-1/4 for long-time loading, and for a few minutes will show a factor 
of safety of 4.” The 1940 edition of the Wood Handbook(6) contained this ob- 
servation on recommended working stresses: “No actual failure would be ex- 
pected with loads 50 percent in excess of those computed from the tabulated 
stress values or with decrease in strength of the timber through decay or 
other deterioration to two-thirds its original value, but numerous failures are 
to be expected if such loads are doubled or if the strength of the timber de- 
creases to one-half its original strength.” 


An Approach to the Factor of Safety 


A simple way to estimate the factor of safety, based on near-minimum 
values, was indicated by Newlin 4) and has been widely used. Newlin recog- 
nized that the strength of clear wood, the duration of load, and the presence of 
“defects” (natural strength-reducing characteristics) were major factors 
affecting the safety of structural timbers, 

The strength of clear wood has a normal variability among trees or among 
pieces of lumber from the same tree. Fig. 1 shows the range of bending 
strength values in standard tests(1) of green, clear Douglas-fir from all 
heights of the merchantable tree. It approximates closely a normal frequency 
distribution. More than 95 percent of the values are higher than 5,435 pounds 
per square inch, which is three-quarters of the average. That figure is thus 
acceptable as a near-minimum value. 

Fig. 2 is a working-stress chart that shows the relation of the strength of 
wood to the duration of load. That relation has been verified in many tests(8) 
and is about the same in all kinds of wood and in all strength properties. It is 
apparent in Fig. 2 that the long-time loading strength of wood is only about 
nine-sixteenths of its strength as measured during the few minutes it takes to 
run a standard test. Fig. 2 shows the long-time level of strength as 100 per- 
cent and can thus be used to indicate possible increases of working stresses 


for conditions where the full design loading is of less than permanent duration. 


All structural grades of lumber contain knots or other natural strength- 
reducing characteristics; these are limited in size and number, and their 
effect on strength is recognized in a “strength ratio.” Thus, if the largest 
knot or greatest slope of grain permitted in a structural grade reduces the 
strength of clear wood by 38 percent, the strength ratio for that grade is said 
to be 62 percent. Since many pieces of lumber in the grade do not contain the 
largest permissible knot, the figure of 62 percent is essentially a minimum 
value. 

Factors for variability of clear-wood strength, duration of load, and 
strength-reducing characteristics are necessary to convert the average 
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laboratory value on clear wood to the conditions of use of structural wood. 
None are intrinsically factors of safety, except insofar as they are minimum 
or near-minimum values. It is therefore general practice to make some ad- 
ditional reduction of stress to take care of a number of minor effects in 
structural use and to provide some margin for unforeseen conditions: a 
“factor of ignorance,” as it were. 

To illustrate, consider a grade of coast-type Douglas-fir structural lumber 
with natural characteristics that reduce its strength as much as 38 percent, 
and which is used with a working stress in bending of 1,500 pounds per square 
inch. By taking the average strength of the clear wood, 7,247 pounds per 
square inch (Fig. 1), and applying factors of 3/4 for variability, 9/16 for long- 
time loading, and 62 percent for the grade strength ratio, one obtains a value 


of 1,900 pounds per square inch. The near-minimum factor of safety is 
veep or 1.27. If that stress is used with design conditions where the duration 


of full load is not expected to exceed 10 years throughout the life of a per- 
manent structure, the duration factor might be taken as 5/8 (compare Fig. 2), 


2 
and the near-minimum factor of safety would be anes or 1.43. 


This is a simple approach to the factor of safety in timber design that has 
been widely used and is satisfactory for many purposes. It does, however, 
leave some questions unanswered. How near “minimum” is the factor of 
safety? How important are the so-called “minor effects” that have been 
lumped together with the factor of safety? What about the 5 percent of the 
test values of clear-wood strength that are lower than three-fourths of the 


average (Fig. 1)? Considerable attention has been given to these questions in 
recent years. 


Probability in the Factor of Safety 


In making a better evaluation of safety in structural timbers, the first 
thing to be seen is that timbers are not all alike. The variability in the 
strength of clear wood is illustrated in Fig. 1. Not all species or individuals 
conform exactly to the curve of Fig. 2, and certainly no two structures will 
undergo exactly the same duration of full design load. Strength-reducing 
characteristics in a grade range from the largest that are permitted down to 
those just larger than the ones permitted in the next higher grade. These 
matters that affect safety are multivalued, and the factor of safety itself is 
thus multivalued. The true factor of safety by this concept is redefined as the 
ratio of the strength of a structural member to the strength actually required 
of that member in use. In other words, it is a ratio of adequacy. It hasa 
different value for each structural member, affected not only by the strength 
of that member but also by the conditions under which it is used. It is expres- 
sible, not as a single value, but as a frequency distribution of values. It is to 
be thought of in terms of probability. 

Engineers working with other structural materials have dealt with similar 
ideas. Tucker) pointed out how strength can be affected by combinations of 
probabilities of strength value in the elementary units that compose a 
structural member. More recently, Freudenthal (3) recognized that factors of 
load and strength affect the adequacy of structural members and that each 
factor may have a different value for each individual instance. 
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To estimate the distributed ratio of adequacy, it is necessary to consider 
the distributed values of the factors that affect it. A few major factors have 
already been indicated, but more have been studied at the Forest Products 
Laboratory. By expressing each as a frequency distribution, the resulting 


mathematical expressions can be combined to show the frequency distribution 
of the factor of safety. 


Factors Affecting Safety 


Table 1 is a list of the factors involved in strength and use that may be con- 
sidered to affect the safety of structural members, such as beams or joists, 
that carry flexural loads. Columns or other nonflexural members have sim- 
ilar factors. The values listed in Table 1 are expressed in terms of either 
normal or uniform frequency distributions. These two types are sketched in 
Fig. 3. While the assumed values are believed to be representative, it is 
recognized that some are based almost entirely on judgment or a consensus 


of engineering opinion. Other factors or additional factors may apply in other 
instances. 


Variability of Clear Wood 


Fig. 1 is a typical variability chart. To express this as a frequency dis- 
tribution, the average value is represented by 1.0. The frequency distribution 
is nearly normal and has a calculated standard deviation that is 15.4 percent 
of the average value. Studies of this and other species(7) show that a general 
representative value of standard deviation is about 16 percent. The mean of 
1.0 and the standard deviation of 0.16 define the normal frequency distribution. 
As defined, 6 percent of the values are below the level of three-quarters of 
the average value, a distribution that is in approximate agreement with Fig. 1. 


Indeterminacy of Stress Analysis 


This factor recognizes indeterminacy in the method and approximations in 
the computation of the stress analysis. No margin for error is included. A 
perfect stress analysis is represented by a factor of 1.0. Inaccuracies may 
cause the actual load or stress to be more or less than expected and the 
adequacy of the timber to be correspondingly less or more. From an 
appraisal of engineering experience and judgment, a normal distribution and a 
standard deviation of 0.03 are chosen. This implies that 1 timber in 22 is 


more than 5 percent over or under its expected adequacy from this cause, or 
that 1 in 800 is more than 9 percent over or under. 


Use of Standard Sizes 


Designers ordinarily specify only standard sizes of structural members. If 
the stress analysis calls for a section modulus greater than that provided by a 
standard size, the next larger standard size is used. If the requirement is 
only a little over, by an dmount called the “design tolerance,” the smaller 
size is taken. A questionnaire to a number of prominent timber design 
engineers indicated that the design tolerance ranged from zero to 10 percent, 
with an average of about 4 percent. 

Standard sizes of timber are generally such that a particular size has 
about one-third more bending strength than the next smaller size. When this 
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was considered in relation to design tolerance, it was calculated that the 
timbers of standard size range from un to Tor or 0.96 to 1.28 times their 
required size in terms of strength. In other words, most timbers are more 
than adequately strong for this reason. A uniform distribution of this factor 


is assumed, since required sizes are a continuous and uniform progression of 
values. 


Depth Factor 


Wood beams have a lower unit strength value in the large structural sizes 
than in the small size used in the standard strength tests. The depth factor 
is such that if the strength of the standard specimen is represented by 1.0, the 
strength of sawn structural beams in common sizes ranges uniformly from 


about 0.87 to 0.95. Glued-laminated beams of greater depth are not considered 
here. 


Efficiency of Grading Rules 


Rules for strength grading of timber are based on principles accepted by 
the American Society for Testing Materials (2). Comparisons of actual strength 
values and values estimated according to the accepted principles show good 
general agreement even though there are many individual variations. An in- 
vestigation of 239 timber beams and 69 joists showed that the average piece 
was 1.12 times as strong as it was estimated to be, and that an approximately 
normal distribution of individual values around that average value had a 
standard deviation of 0.20. This implies that 3 of 4 bending timbers will de- 
velop more strength than would be estimated from the grading rules. 


Efficiency of Inspection 


The grading of structural lumber is done visually, and there is usually no 
time for actual measurement of characteristics. A questionnaire to lumber 
inspection bureaus indicated that estimates of knot sizes may be as much as 
10 percent too low in about 4 percent of the timbers inspected. A 10 percent 
error in knot size corresponds to about a 2 percent error in strength. Knot 
sizes are presumed to be overestimated and underestimated with equal prob- 
ability. The ratio of adequacy from this cause is considered to have a 
normal distribution with a mean of 1.0 and a standard deviation of 0.011, which 
corresponds to a 2 percent deficiency in strength in 4 percent of the pieces. 


Range of Defects Within Grade 


A typical structural grade may permit natural characteristics that reduce 
the strength of the clear wood by 40 percent. Its working stress is therefore 
calculated from a strength ratio of 60 percent. The next higher grade may 
have a minimum strength ratio of 75 percent. Within the lower grade, there- 
fore, are pieces with strength ratios ranging uniformly from 60 to 74 percent 
of the strength of clear wood. These define the frequency distribution. 


Off Size 


Either rough or dressed structural lumber may vary slightly from its ex- 
pected or standard size. Extensive research at the Forest Products 
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Laboratory on this factor in the width of boards appears to be applicable to 
structural lumber. The effective width of boards averaged about the same as 
the standard width and varied normally around it, with a standard deviation of 
12 percent. Timbers are commonly sized at the saw and then lightly dressed, 
so their average dimensions are reduced to about 98 percent of standard. 
Strength in bending is proportional to the dimension in width and to the square 
of the dimension in depth. Since off size may occur with equal probability in 
width or depth, the assumed ranges of dimensions are increased to their 3/2 
power. Thus, in comparison to the expected or standard size, the effect of off 
size is expressed by a normal frequency distribution with an average value of 
0.97 and a standard deviation of 0.18. 


Imperfection of Fabrication 


The factor of imperfect fabrication cannot be made large enough to cover 
the effects of poor fabrication, but it recognizes the difference between good 
fabrication by field standards and the precise cutting and fitting of labor- 
atory test specimens. The ratio of adequacy from this cause is taken to be 
normally distributed with an average of 0.95 and a standard deviation of 0.02. 
This implies that practically all timbers are in the range of 90 to 100 percent 
of the laboratory strength values in this respect. 


Duration of Load 


A very wide range of values for duration of load can be considered, from 
the permanent load imposed on a structure by its own weight to the few 
seconds’ duration of earthquake loading. To reduce this spread, industrial 
buildings were assumed in Table 1. The most probable duration of dead plus 
full design live load was taken to be 5 years during the life of a permanent 
structure. The corresponding strength was taken to be 62 percent of the 
standard laboratory test strength. This factor is thus expressed by a normal 
frequency distribution with an average value of 0.62, A standard deviation of 
0.03 is assumed, thus implying that full design dead and live loads are per- 
manently on about 2-1/2 percent of the timbers so used. 


Temperature 


Wood is stronger when cold than when warm. Standard strength tests are 
made at an average temperature of about 70° F. The service temperature of 
timbers in industrial buildings is assumed to have an average value of 80° F., 
and a normal distribution with a standard deviation of 19° F. is taken to be 
representative. This means that 98 of 100 building timbers are in service at 
the range of 35° to 125° F. Each change of 1° F. in temperature results ina 
change in strength of 0.5 percent; this, in terms of strength, gives a normal 
frequency distribution with an average of 0.95 and a standard deviation of 
0.095. 


Expected Versus Actual Load 


Since an overloaded timber may be thought of as less than adequate and an 
underloaded timber as more than adequate in strength, the variations of load 
can be put into a frequency distribution along with those that represent 
strength factors. The most probable value for the ratio of actual to expected 
load is 90 percent, so that the average timber is about 10 percent more than 
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adequate in this respect. A normal distribution is assumed, with an average 
value of 1.10 and a standard deviation of 0.08. This implies a possibility of 


overload on 1 in 10 timbers. This is a generalized value, and other values 
could be assumed for more specific uses. 


Other Conditions of Service 


Timbers in interior service may gain more than enough strength as they 
dry to offset the checking or splitting that occurs. On the other hand, many 
timbers are exposed in various degrees to such hazards as decay, insect 
attack, fire damage, or chemical deterioration. Where such conditions are 
expected, the working stress may be adjusted for them; only the unexpected 
needs to be taken into account in the factor of safety. Largely from judgment, 
it is estimated that the ratio of adequacy of timber beams in this respect is 
normally distributed, with an average of 0.95 and a standard deviation of 0.07. 


This implies that the strength of 58 in 60 timbers will range from 0.80 to 1.10 
from this cause. 


Combination of Factors 


Because of the mathematical terms in which these factors affecting safety 
have been described, their combined effect may be shown by multiplying all of 
them together. This is possible because all are mutually independent and all 
operate simultaneously. The product of this multiplication is the overall ratio 
of adequacy of bending timbers in relation to the average laboratory strength. 

The mathematical problem of calculating the product of a number of dis- 
tributed values is difficult, and no exact solution has been found. Three 
methods have been developed at the Forest Products Laboratory to give an 
approximate result.(9) These are (1) the method of random products, (2) the 
use of a Gram-Charlier series, and (3) the method of Pearson distributions. 
The first method is the most easy to understand and can be readily used with 
modern computing equipment; it is, therefore, the only one discussed in this 
paper. 

The method of random products consists of taking a random value from the 
frequency distribution that represents each factor and multiplying these 
random values together to obtain a random product. Five hundred or more of 
such random products serve to define adequately the product distribution. 
Random multipliers can be obtained by use of a table of random numbers;4 or, 
if an electronic computer is used, it can generate its own random numbers. 
By this method, the random numbers are first divided into classes, and a 
multiplier is calculated in each factor distribution to correspond to the mid- 
point of each random number class. That multiplier is then used with every 
random number in the class. 

The method of random products is best explained with an example. Such an 
example has been worked with all the values in Table 1. For simplicity, 


4. A table of random numbers consists of numbers in a selected range, often 
0000 to 9999, picked at random so that each number has an equal chance of 
being used, A table for the selected range may be of any length. Any 


number in the selected range can appear more than once, depending upon 
the length of the table. 
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however, a shorter series of factors is used here. It includes the variability 
of clear wood, range of defects within grade, duration of load, and expected 
versus actual load. Other factors in Table 1 that affect strength are combined 
into a single normal distribution assumed to have an average of 1.00 anda 
standard deviation of 0.200. 

Random numbers from 0000 to 9999 are divided into 39 classes, as shown 
in Table 2. Class intervals are equal for dealing with the uniform distribu- 
tion (col. 7, Table 2), because in such a distribution each value has an equal 
chance to appear. With the normal frequency distributions, class intervals 
are varied to represent the varying frequencies in the normal distribution 
throughout its range (col. 1, Table 2). In the widest intervals near the middle 
of the distribution, the corresponding normally distributed multipliers occur 
with the greatest frequency. 

A multiplier is calculated that will correspond to the midpoint of each of 
the 39 classes of random numbers. These multipliers appear in columns 3, 4, 
5, and 6 of Table 2 for the normal distributions, and in column 9 for the 
uniform distribution. To illustrate, in the fourth class of random numbers 
with normal intervals, the center of that class interval is at the average value 
minus 3.2 times the standard deviation. In the frequency distribution repre- 
senting variability of clear wood, the average value is 1.000, and the standard 
deviation is 0.160 (Table 1). Then 1.000 - (0.160 x 3.2) = 0.488, the value that 
appears in column 3 of Table 2. In like manner, in the fourth class of random 
numbers with uniform intervals, the average of 0.67 and the range of 0.14 
from Table 1 are used. Then 0.670 - (16/38 x 0.14) = 0.611, the value that 
appears in column 9 of Table 2. 

In calculating one random product, the first random number drawn might 
be 8,522, and its corresponding multiplier from column 3 of Table 2 is 1.160; 
this means that the hypothetical timber to be represented by the product has 
clear wood 16 percent stronger than the species average. The second random 
number may be 5,265 and the corresponding multiplier from column 4 is 
1.000, meaning that other factors affecting strength will combine in a way that 
is just average. The third random number may be 2,349, and the correspond- 
ing multiplier from column 5 is 0.596, implying that the duration of load on the 
timber is somewhat more than the designer anticipated. The fourth random 
number may be 2,728, and the corresponding multiplier from column 6 is 
1.052; this means that the maximum load sustained is about 95 percent of the 
assumed design load. The fifth random number may be 4,217, and the cor- 
responding multiplier from column 9 is 0.659, meaning that the actual 
strength ratio of the hypothetical timber is 66 percent. The product of these 
five multipliers is 0.479. If the working stress on this hypothetical timber 
is 1/6 of the average strength-test value for the species, the ratio of adequacy 
of the timber is 0.479/0.167, or 2.9. 

A magnetic data-processing machine (IBM Model 650) was used to calculate 
500 random products from the data of Table 2. The programming was 
coded on about 100 punch cards and included the generation of random 
numbers. After the cards had been fed into the machine, the process of com- 
puting and classifying 500 random products took about 15 minutes in the 
computer, with an additional 10 minutes in a tabulator to decode and print the 
results, This type of operation is well adapted to such a computer, and 
1,000 or more products could have been calculated without difficulty. 
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Distribution of the Ratio of Adequacy 


Fig. 4 is the frequency distribution of the 500 random products of the five 
factors in the preceding illustrative example. It shows graphically the range 
of the adequacy of structural timbers in relation to the average strength of 
clear wood in standard laboratory tests. The distribution is visibly skewed, 
with an elongated tail to the right. Statistical analysis has shown that the 
skewness is highly significant. 

The ratio of adequacy with respect to any chosen design stress can also be 
seen in Fig. 4. A grade with a minimum strength ratio of 60 percent was as- 
sumed. Such a grade in Douglas-fir lumber might have a working stress in 
bending of 1,450 pounds per square inch. That value is 20 percent of the 
species average indicated in Fig. 1. Values on the lower horizontal scale in 
Fig. 4 are therefore divided by 20 percent to show in the upper scale the range 
of the true factor of safety at that working stress level. It is indicated that the 
most probable values are in the range of 2 to 2-1/2, and that nearly all values 
are in the range of 1 to 4. Most probably the timber is 2 to 2-1/2 times as 
strong as it needs to be. Fig. 4 emphasizes the probability aspect of safety. 
It also shows that a very low working stress which can give perfect safety 
under the worst conditions would result in excessively high safety factors in 
the great majority of the material. 

Since any timber whose ratio of adequacy is less than unity is expected to 
fail, the low values at the left-hand end of Fig. 4 are of special interest. 
These may be considered in terms of the probability of failure by use of the 
cumulative frequency distribution. The cumulative distribution is the con- 
tinuous summation of area under the frequency polygon. Fig. 5 shows ona 
magnified scale the left-hand portion of the frequency distribution of Fig. 4 
in cumulative form. Since so few values occurred in this portion of the 500- 
product distribution, the actual distribution is not smooth or well defined in 
Fig. 5. It was smoothed by plotting it on logarithmic probability paper so that 
a smooth curve, almost a straight line, could be fitted closely to the points by 
eye. A portion of that smooth curve is shown in Fig. 5. 

Fig. 5 indicates a probability of failure of about 0.5 percent where the 
working stress is 20 percent of the average laboratory test strength of clear 
wood. Relatively small decreases or increases of working stress give con- 
siderably decreased or increased probabilities of failure. These are matters 
for the design engineer to consider in making a choice of working stresses 
for structural lumber. His judgment will be influenced not only by the 
probability of failure (Fig. 5) but also by the large factor of safety in the great 
majority of the material (Fig. 4). He will also consider the consequences of 
failure, whether it may result in collapse of a structure and loss of human 
life, or only in limited property damage. 

This example of probability in the factor of safety has been worked through 
to illustrate the techniques used. Values that were used for the factors 
affecting safety are representative, but not necessarily applicable in all in- 
stances. A large element of judgment and informed opinion has gone into 
some of them. More factors might well have been used, as suggested in 
Table 1, Other engineers may make different assumptions and get a different 
answer that is more acceptable under the conditions for which they design. 
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Figure 5.--Lower portion of cumulative frequency distributior 
of the product of factors affecting safety, as calculate 
for a grade strength ratio of 60 percent on the basis of a 
500-product random distribution. 
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Table 2.--Use of random numbers 0000 to 9,999_ 


Normal frequency distributions 


Intervale in : Multiples of :Multipliers corresponding to centert : 


table of : standard devi- 
random numbers:ation correspond-:Variability:Other factors:Duration 
: ing to centers : of : affecting : of load 


of intervals : clear wood: strength 


0000 -3.8 0.392 0.240 
0001 -3.6 .280 
0002 0004 320 
0005 0009 -3.2 .488 -360 
0010 - 0018 -3.0 52 -400 
0019 = 0034 -2.8 552 440 
0035 - 0061 -2.6 -584 480 
0062 = 0106 -2.4 616 520 
0107 - 0178 -2.2 648 560 
0179 - 0286 -2.0 680 600 
0287 - O4k5 -1.8 712 : 
O4L6 - 0667 -1.6 Thy : .680 
0668 - 0967 -1.4 776: -720 
0968 - 1,356 -1.2 808s: 760 

1,357 - 1,840 -1.0 B40: 800 

1,841 - 2,419 872 .840 

2,420 - 3,084 -.6 904 . 880 

3,085 - 3,820 -.4 -936 -920 

3,821 - 4,601 -.2 968 -960 


fee] 
~ 


POM MMM RRR 


| 
(1) : (2) : (3) : (4) : (5) | 
: 0.506 — 
: .518 
.524 
.530 
¢ 
> .548 
55% 
«560 
: 
: 
: .578 
> | 
: — 
: 596 
-602 
4,602 - 5,397 : 0 : 1.000 : 1.000 : .620  &§ 
: 1.040 : .626 
6,179 - 6,914 : >: 1.064 : 1.080 : 
6,915 - 7,579 : >: 1.0% : 1.120 : .638 
7,580 - 8,158 : 1.160 : 64% 
8,159 - 8,642 : 3.360 << 1.200 : 
8,643 - 9,031 : 1.240 .656 
9,032 - 9,331 : ¢ 2.22% : 1.280 : .662 g 
9,332 - 9,553 : : 1.256 : 1.520 : .668 &g 
9,554 - 9,712 : : 1.268 : 1.360 : .67h &§ 
9,893 - 9,937 : > 1.368 : 1.480 : .692 &§ 
9,938 - 9,964 : 1.416 : 1.520 : 
9,965 - 9,980 : : 1.448 : 1.560 : 704 — 
9,981 - 9,989 : : 1.480 : 1.600 
9,990 - 9,994 : : 1.512 : 1.640 : &§ 
9,995 - 9,997 : 1.680 : — 
9,998 : 1.720 : 726 
9,999 : : 1.608: 1.760 2734 


:actual load: 


of intervals: Intervals in 
table of 
:random numbers 


: 6,667 
: 6,923 
: 7,180 
: 7,436 
: 7,695 
7,949 
: 8,205 
: 8,462 
: 8,718 
: 8,974 


9,251 


: 9,487 
: 9,744 
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to find miltipliers for random products 


Uniform frequency distribution 
(Range of defects within “grade) 
:Unit multipliers: Multipliers 
: corresponding 
to centers 
of intervals 


10 


: corresponding 


: of intervals 


a 


9 
: 
4 
versus 
: : 
m : 0.796 : 0000 - 0256 : -19 : 0.600 ee. 
812 : 0257 - 0513: -18 : -604 
-8628 0514 - 0769: -17 : -607 
: O770 - 1,026 : -16 
: 860 1,202 : -15 : -615 
: -876 =: 1,283 - 1,538 : -14 : .618 al 
: -892 : 1,539 - 1,795 : -13 : -622 
: -908 : 1,796 - 2,051 : -12 : -626 y 
a: 92h 2,052 - 2,307 : -11 : -629 4 
: =: 2,308 - 2,564 : -10 : -633 
: -956 : 2,565 - 2,820 : -9 : .637 
: -972 : 2,82) - 4,077 : -8 : -640 
: -988 : 3,078 = 3,333 : -7 : 644 a 
: 3,334 - 3,589 : -6 : 648 
: 20 : 3,590 - 3,8h6 : -5 : -652 
936 5,847 - 4,102 : -4 : -655 
: 2 : 4,103 - 4,359 : : -659 
: 68 : 4,360 - 4,615 : -2 : -662 
084 8: 4,616 - 4,871 : -] : -666 
100 «4,872 - 5,128 : : .670 
: 116: 5,129 - 5,384 : : -674 
: 132: 5,385 - 5,640 : 2 
148 ¢ 5,641 - 5,097 : 3 : .682 
: 164 : 5,898 - 6,153 : 4 : -686 a 
: 180 : 6,154 - 6,410 : 5 : -689 = 
: 196 : 6,411 - 6,666 : 6 : -693 Pe 
: p12 - 6,922 : 7 : 697 bi 
: 228 7,179 : 8 : -701 ia 
: 7,435 : 9 : -704 
260 - 7,692 : = : 
276 - 7,948 : 11 : 712 
292 - 8,204 : l2 : -715 
: 308 - 8,461 : 13 : -719 9 
324 - 8,717 : 14 : 
: 340 - 8,973 : 15 : 
 &§ 356 - 9,230 : 16 : -730 aa 
372 - «9, 456: 17 
388 - 9,743 : 18 : 
bok 9,999 : 19 : 
: : : a 
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CONCLUSION 


A few major and minor factors affect safety in timber design. A near- 
minimum margin of safety can be readily estimated by applying near-minimum 
values for the major factors. For more thorough consideration, however, the 
various factors must be considered as multivalued, and a multivalued factor 
of safety must be calculated from them. This paper has shown how it can be 
done. 

The designing engineer has the right and the responsibility to use his own 
judgment in evaluating the factors that affect the safety of his design. This 
paper is presented as an aid to him in forming that judgment. It shows how 
safety is affected by use as well as strength, and indicates how safety is re-- 
lated to the working stress level. Thus, through better understanding and 
logical application of the factors affecting the safety of structural lumber, 
progress is made toward the goal of safe and economical timber design. 
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INTRODUCTION 


The use of lightweight wood trusses is becoming of increasing importance 


in house and other light frame construction. There are a number of reasons 
for this, including: 


(1) The exterior walls and roof can be erected without the placement of any 
interior walls, and thus the interior becomes one big unobstructed area 
for further work. 

(2) The entire ceiling and walls can be finished as one unit without inter- 
ruption of partitions. If dry-wall construction is used, sheets as large 
as 4 by 12 feet can be installed uncut. The finish floor also can be laid 
over the entire area without the cutting and fitting necessary when par- 
titions are in place. 

(3) Roof trusses offer complete flexibility for utilization of interior space. 
This means that, in later years, partitions can be moved to meet 
changed living requirements without affecting the structural stability of 
the house. 

(4) Large unobstructed areas conforming to the present trend toward open 
planning are more easily obtained. 

(5) The house can be more quickly enclosed when trusses are used than 
when the conventional rafter-and-joist construction is used. 


(6) Truss construction requires less material, which reduces the cost of 
the house, 


Scope of Investigation 


Lightweight wood trusses now in common use are usually of nailed con- 
struction. When adequately designed and well manufactured, they give good 


Note: Discussion open until April 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 1839 is 
part of the copyrighted Journal of the Structural Division, Proceedings of the 
American Society of Civil Engineers, Vol. 84, No. ST 7, November, 1958. 

a. Presented at the ASCE Convention in Portland, Ore. June, 1958. 


Engr., Forest Products Lab., Forest Service, U. S. Dept. of Agri., 
Madison, Wis. 
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service. Glued trusses, however, offer some advantages, such as a saving in 
materials and added stiffness, as compared to nailed trusses. Therefore, 
special emphasis has been given to glued trusses in this work. 

Several series of tests were made. They included: 


(1) Glued or nailed trusses of W type with 17-foot span and 5-in-12 slope. 
Some were subjected to severe atmospheric conditions before being 
tested. 

(2) Nailed trusses of W type with 24-foot span and 5-in-12 slope. 

(3) Glued trusses of W type with 26-foot span and 3-in-12 slope. 

(4) Glued trusses of W and king-post types with 32-foot span and 2-in-12 
slope. 

(5) Glued trusses of box-beam type with 32-foot span and 1-in-12 slope. 


General Considerations 


In these experiments, all structural members of the trusses were in the 
same plane and hence free of the eccentricity at the joints that occurs when 
the structural members are lapped—as is frequently done when bolts, split 
rings, and nails are used. Trusses built by this method of construction also 
have the advantage of easy stacking for storage or transportation. Another 
advantage is that joints in ceiling material need not be staggered because of 
lapped chord members. 

In general, the gusset plates were of the same size on opposite sides of a 
joint. This also eliminates some eccentricity that will occur when gusset 
plates of different sizes are used on the two sides of a joint. 

For the standard nailed joint, nails used were of sufficient length to extend 
through both gusset plates and the central member. This type of nailing is 
commonly used because it is more economical than nailing from both sides. 
This means that the nails are acting in double shear, and a few tests were 
made to determine what might be expected. 

The plywood gusset plates were so cut and placed that the grain of the main 
truss members and that of the face ply of the gusset plate were as nearly 
parallel as possible. Since exact parallelism is not always possible, some 
rolling shear will occur between glued gusset plates and the main structural 
members when the truss is loaded. Rolling shear may also occur between 
adjacent plies of the plywood gusset plate. A few exploratory tests were made 
with the grain of the face ply either perpendicular or parallel to the grain of 
a 2- by 4-inch piece simulating a truss joint. 


Single-Joint Assembly Tests 


Face Grain of Plywood at Right Angles to Applied Load 


One assembly used for tests to ascertain the effects of nonparallelism of 
grain of adjacent members in glue joints consisted of 2 pieces of plywood 5 by 
12 inches in size attached to a nominal 2- by 4-inch piece 12 inches in length. 
The face grain of the plywood was at right angles to the applied load. The 
pieces were either nailed or glued to the wide faces of the 2 by 4 at its mid- 
length, as shown in Fig. 1. For the nailed assembly, 8 eightpenny nails were 
used that were long enough to penetrate the central member and both gusset 
plates. The nails were not clinched, and no space was left between the 
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Figure 1. --Types of specimens for exploratory nail-joint tests, using 
plywood plates. Upper specimen, face grain of plywood at right 
angles to applied load; lower specimen, face grain of plywood paral- 
lel to applied load. 
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members, In the glued assemblies, the pressure necessary to set the glue 
was applied with clamps. 

A well made glue joint is a very effective means of joining two pieces of 
wood, and its ultimate strength is developed at very small slippage. A nailed 
joint can also be designed to give satisfactory service; some slippage must 
take place, however, before the nails come into good bearing, and considerable 
slippage occurs at maximum load. 

In Table 1 are given results of tests on specimens consisting of 3/8-, 1/2-, 
and 3/4-inch Douglas-fir plywood glued to nominal 2- by 4-inch Douglas-fir, 
with the face grain of the plywood at right angles to that of the 2 by 4’s. The 
plywood of the three thicknesses was not matched. The glued area on each 
side was about 3-5/8 by 5 inches in size, or a total for both sides of about 36 
square inches. The results showed considerable variation for the three thick- 
nesses, which may have been due to variation in the quality of the material, to 


Table 1.--Strength of nailed and glued joints with face grain of 


Line :Number:Attach-:Thickness ; 
of :of plywood: 
: gusset :0.010-inch:0.015-inch:0.020-inch: 


3 


+Common nails--no space between members. 
3-5/8 by 5 inches. 


Glued area of each face approximately 


ra 
plywood perpendicular to that of 2- by 4-inch piece | 
Maximum; Maximum 
load :deflec- a 
: tion 
: : : plate  :deflection:deflection:deflection: : 
1,730 : 2,020 2,280 : 4,200: 0.2h0 
: : nails : : 
ty 
«3 : : 2,100 2,420 2,640 4,430: .222 
nails : : : : 
> + F 3A 3,080 36,260: .370 
nails ; : : : : 
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variation in the thickness of the outer ply used in plywood of the different 
thicknesses, or to a combination of these variables. Even the lowest maxi- 
mum load value for a glue joint, 6,630 pounds, equals a glue strength of about 
185 pounds per square inch. Hence, very few square inches of glue area would 
be needed to develop adequate joint strength for lightweight roof trusses, The 
accompanying deflection was very small—about 0.01 inch, At this small de- 
flection, a nailed joint developed less than one-half its ultimate strength, as 
shown in Table 1. Even at maximum load, the nailed joint is much lower in 
strength than the glue joint, and the accompanying deflection is at least 20 
times greater. Only those loads causing relatively small slips, from 0.010 to 
0.020 inch, need be considered for truss design, since large slippage would 
permit greater deflection of a truss than is desirable for service. 


Face Grain of Plywood Parallel to Applied Load 


Other exploratory tests of nailed joints were made with the load, the face 
grain of plywood, and the face grain of structural members all parallel. 

The assembly consisted of 2 pieces of 1/2-inch-thick plywood 3-1/2 by 12 
inches in size attached to a nominal 2- by 4-inch piece 12 inches in length. 
The plywood was attached to the wide faces of the 2 by 4 for a distance of 8 
inches and extended 4 inches beyond one end of it to simulate a pair of splice 
plates, as shown in Fig. 1. 

For most of the tests, a 0.027-inch space was left between the plywood and 
the solid members to simulate the small separation of the parts of a truss 
resulting from shrinkage during service. The slight separation causes an ap- 
preciable reduction in holding power, since considerable force is necessary 
to overcome friction in a tight joint. A comparison of the values in line 3 with 
those in line 1 of Table 2 shows that a multiple-nail joint with a space of 0.027 
inch between the plywood and the solid member has only about 70 per cent the 
strength of a tight multiple-nail joint. 

Nails in double shear sustain loads about twice those for nails in single 
shear at small deflections. As the loads approach maximums, however, the 
efficiency of nails in double shear is only about 125 per cent that of nails in 
single shear. When the comparison is based on tests of individual nails, simi- 
lar results are obtained, as shown in Fig. 2. 

If 1/2 of the nails subjected to double shear are driven into one side and 
1/2 into the other, their efficiency at small slips is more than double that of 
nails in single shear, as shown by the ratios of values for lines 4 and 2 in 
Table 2, At maximum load the ratio is only about 1-1/2 to 1. 

The relative efficiency of a joint with multiple nailing is lower than that of 
a joint with a single nail, whether the comparison be based on nails in single 
or double shear. For a joint with 7 nails, the relative efficiency per nail is 
about 90 per cent of that for a joint with a single nail, as shown by values in 
lines 2, 3, 5, and 6 of Table 2. 


Construction of Trusses 


Douglas-fir lumber was used in these tests. Most of it was comparable to 
the Construction grade as described in Rule Book 15, “Standard Grading and 
Dressing Rules for Douglas Fir,” dated March 15, 1956, published by the West 
Coast Lumbermen’s Association. This grade has an assigned working stress 
of 1,500 pounds per square inch over the center 1/3 of the length of the piece. 
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Since the stress in the chords of a truss is, in general, uniform throughout the 
length of the members, the material was regraded so that the Construction 
grade limitations applicable to defects in the center one-third of the length 
were applied to the entire length. 

The plywood for the gusset plates was commercial, Exterior-type Douglas- 
fir. 

A resorcinol type of glue was used whenever gusset plates were glued to 
the trusses to eliminate the possibility of glue failures during subsequent ex- 
posure of certain trusses to both high and low relative humidities. During the 
setting of the glues, pressure was applied with either clamps or nails, as de- 
tailed elsewhere in this report. 

The glue was spread on both the truss members and the gussets, and a 
closed-assembly period of 5 to 10 minutes was allowed between spreading of 
the glue and application of pressure. The glue was spread at the rate of about 
80 pounds per 1,000 square feet of joint area. The temperature of the room at 
the time of gluing and during the subsequent 5-day curing period was main- 
tained at between 70° and 80° F. 

Most of the trusses were of the W type. The trusses were so designed that 
the distance between truss points of the lower chord was 1/3 of the span, and 
the joint in the upper chord divided the chord length into 2 equal parts. 


Testing Procedure 


The earlier tests of trusses were made by means of dead loads placed on 
platforms suspended at various points along the upper chords with a constant 
ceiling load hung from the lower chord. 

Later, equipment for readily applying and removing load was secured and 
used for a number of trusses. This equipment, designed especially for the 
testing of trusses, applies the load through a system of cables and sheaves, 
as shown in Fig. 3. The cables were loaded by means of a variable-speed 
winch. The load was measured at each reaction by means of a calibrated load 
cell. Lateral movement or buckling of the truss was resisted by restraining 
members that were fitted over the top chords and were attached to a rigid 
wood frame. 

In general, three runs were made on each truss, The first run was made 
by loading the truss at appropriate increments until its design load was 
reached. The dials, stationed at truss points and midway between truss points 
along the upper and lower chords, were read at each load increment. After 
the design load was reached, the load was removed and the dials were read 
again to record the set, or residual deflection. The second run was made in 
a similar manner but was carried to 2-1/4 or 2-1/2 times design load. The 
load was again removed and residual deflections read. Finally, the truss was 
loaded to failure, its deflection being read at each load increment. 


Discussion of Results 


W Truss with 17-Foot Span and 5-in-12 Slope 


It is well known that a carefully made glue joint is a very efficient joint 
immediately after manufacture. Not so well established is what may happen 


to the glued joints of a truss during the high and low relative humidities that 
may prevail during service. 
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Figure 3.--W truss ready for test. The load is applied through a 
system of cables and sheaves, and measured at each reaction by 
means of a calibrated load cell. 


One purpose of this investigation was to determine the effect of high and 
low relative humidity on glued joints in a completed truss under load. Since 
both high and low humidities could most easily be obtained in one of the labo- 
ratory’s dry kilns, the length of these trusses was limited by the kiln di- 
mensions. A truss of 17-1/2-foot length with a 5-in-12 slope was chosen and 
tested over a 17-foot span. 

The type and dimensions of the truss are illustrated in Fig. 4. The fram- 
ing members were 2 by 4’s, and the sizes of the nailed gusset plates are those 
used by a commercial fabricator. The number of ninepenny nails placed in 
double shear is based on the assumption that each nail will withstand about 
180 pounds of load with only 0.01 inch of slip. Fig. 5 shows a nailed truss 
with somewhat smaller gusset plates but the same number of nails. 

The size of the gusset plates for glued trusses can be considerably smaller 
than for nailed trusses because of the greater efficiency of the glued joint. 
The two sizes of gusset plates used are shown in Fig. 6. The net glue area 
for each joint made with medium and small gusset plates is shown in Table 3. 
Clamps were used for applying pressure during the glue-curing period. 
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Table 3.--Glued joint areas of W trusses 


A graphical analysis of the stresses for design and 2-1/4 times design load 
is shown in Fig. 7. While a nailed joint is not truly a pin-connected joint, for 
a practical analysis, it was considered acting as such, These stresses are 
given in Table 4. 

The number of nails used and the glue area for each joint are in about the 
proportion indicated by the stress analysis. 

The primary failure of all nailed trusses was at the center of the lower 
chord. There was a gradual separation of the plywood gusset plates from the 
central member. The plywood plate on the side with the nail points protrud- 
ing separated more rapidly than that holding the nailheads (Fig. 8). There was 
considerable pulling of the nailheads into the plywood. 

The glued trusses failed at different joints in the truss. In all glued trus- 
ses, failures occurred in the face ply of the gusset plate, adjacent to the 
central member, or between that face ply and second ply as a rolling shear. 
There was no glue failure even after the trusses were exposed to low and high 
relative humidities. Fig. 9 shows a typical failure in the lower chord. 

A representative load-deflection curve for a nailed truss is shown in Fig. 
10. The deflection values apply to the center of the lower chord. There was 
gradual slipping of the nails even at low loads, At a design roof load of 1,200 
pounds (35 pounds per square foot), the deflection was about 0.13 inch, and 
after release of load the deflection was about 0.05 inch. Similarly, at 2-1/4 
times design load, the deflection was about 0.48 inch and the residual de- 
flection was about 0.34 inch. In other words, after releasing the roof load 
equal to 2-1/4 times design load, about 3/4 of the deflection remained. The 
action of a glued joint is quite different, as shown in Fig. 11. After applying 
and releasing the design roof load and also after applying and releasing 2-1/4 
times the design roof load, no residual deflection was apparent. 

Fig. 12 shows average load-deflection curves for 3 nailed and 3 glued trus- 
ses when the load was applied in continuing increments until failure occurred, 
The 3 nailed and 3 glued trusses were of similar construction. Although there 
was some variation in behavior among the 3 glued trusses and also among the 
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Member Glued joint 
a : Medium : Small 
: Sq. in. : Sq. in. 7 
: 25.3 12.0 
~2 : 20.0 : 6.8 
| : 40.0 : 27.0 
-1 : 8.2 : 3.6 
: 12.6 : 5.3 4 
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Table 4.--Stresses from graphic analysis of a 
W-type roof truss with 5-in-le 


slope for a 17-foot span, ¢-foot 


spacing 
Member: Design :2-1/4 design load& 
Tension: Compression: Tension: Compression 


Ceiling, 300 pounds, or 8.8 pounds per square 
foot; roof, 1,200 pounds, or 35.3 pounds 
per square foot. 


eceiling, 300 pounds, or 8.8 pounds per square 
foot; roof, 2,800 pounds, or 82.4 pounds 
per square foot. 


3 nailed trusses, the 2 groups were much more dissimilar in behavior. The 
glued trusses showed considerably less deflection at low loads, and at failure 
their deflection was still relatively small. When failure did occur, it was 
sudden and complete. The nailed trusses, on the other hand, showed consider- 
able deflection at low loads. At a load of 1,200 pounds, equal to a design roof 
load of 35 pounds per square foot, the deflection of the glued truss was 0.04 
inch and that of the nailed truss, 0.08 inch. This difference continued to in- 
crease until, at failure, the deflection of the nailed truss was more than 4 
times that of the glued truss, although the maximum load was only about 3/4 
as great. 

In addition to comparing the relative merits of glued and nailed trusses, 
some variables within each group were also considered, as shown in Table 5. 
For truss No, 5, the same size and number of nails were used as for control 
trusses Nos. 1, 2, and 3 but differed in that approximately one-half of the 
nails were driven from each side. As shown in Table 6, truss No. 5 deflected 
somewhat less than the average of the control trusses. The maximum load 


was also greater—200 pounds per square foot as compared to 161 pounds for 
the control trusses. 
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Figure 7. --Graphical analysis of stresses in 17-1/2-foot W truss on 
a 17-foot span. 
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Figure 8. --Failure in lower chord of nailed truss No. 3, showing that 
plywood gusset plate with nailheads separates less rapidly from chord 
members than opposite gusset plate. 


Figure 9. --Failure in lower chord member of glued truss No. 9. Failure 
was in face of plywood gusset plate adjacent to central member and was 
a shearing failure combined with some tension parallel -to-grain failure. 
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Figure 11. --Deflection of glued truss at center of lower chord (truss 
No. 8). There was practically no residual deflection after release 
of design load and after release of 2-1/4 times design load. 
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Figure 12 Comparison of deflection of glued and nailed trusses at center of lower chord. Glued 


trusses, average (Nos. 8, 9, and 10) Nailed trusses, average (Nos. 1, 2, and 3) 
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Truss No. and type 


truss 
truss 
W truss 


truss 

truss 

truss 

truss : 
rafter-and-joist construction: 
W truss 
truss 

truss 


truss 
truss 


king-post truss 
kKing-post truss 
king-post truss 


truss 
truss 
truss 


tapered box-beam truss 
tapered box-beam truss 
tapered box-beam truss 
figure 15. 

table 8. 


figure 25. 
figure 26. 
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Table 5.--Description of light 


Lower :Diagonals:Thick- 
; chord : chord : : ness 


TY : Slope :Span: Size of members : Gusse ‘- 
: 
1, W truss Sinl2@: if: 2byk: : 2@byh : 1/2 
2, W truss : 2byh& : 1/2 
3, W truss :§inl2: 317 :2@vyh: aby : 1/2 
4, W truss : 2byh : 1/2 
5, W truss Sty s s +: YR 
6, W truss 2S imp 22:17: 4: : & 3: Ife 
7, W truss ¢ &: 2by& : 2@by & : 3/8 
: 2by% : 1/2 
10, itn 2: 2bys : 1/2 
5inl2:17:2by4%:2by4 :2by4% : 1/2 
12, Sinl2:17:2by4:2by4 : 2byh : 1/2 
a3, Sinl2: : 2byh : 1/2 
4 
14, S5inl2@: 2h: 2by4:2byh : : 1/2 
15, hin 12 : 26: 2 by 6 : 2 by 1O 
16, 3in 12:26: : 2by4 : 1/2 
3inl2: 26: by Q2byh : : 1/2 
18, 3 in 12: 26: by 2by 4 : 2by& : 1/2 
20, W +3 by 4:2by4 : 1/ 
ol, 12: 32:2 by 6:2 by 6 :.........: 5/8 
23, 32s Soy 6: 6 58 
24, W inl2:32:2by6:2by6 :2by4 : 5/8 
25, W : :2bnyh : 5/8 
26, W :Binl2:32:2vy6:2rvy6 :2by4 : 5/8 

= 
29, de 20-2 90: SOP L/2 
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There was some question as to whether gusset plates of the size used for 
the nailed joints were actually necessary, especially at joints other than at 
the center of the lower chord. Hence, in truss No. 6, all gusset plates were 
reduced in size except at the center of the lower chord. The comparative 
sizes are shown in Figs. 4 and 5. At low loads the deflection was slightly 
greater, but thereafter the deflection was even less than for the control trus- 
ses. The maximum load was somewhat greater for truss No. 6 than for the 
control trusses. The failure occurred at the center of the lower chord, where 
no reduction in size of gusset plate was made. Apparently some saving could 
be made in the amount of plywood used for gusset plates. 

In truss No. 7, the gusset plates had the same area as the control trusses 
but were 3/8 inch thick compared to the 1/2-inch thickness of the controls. 
This reduction in thickness of gusset plates definitely increased the deflection 
for given loads and also decreased the maximum load. As shown in Table 6, 
the maximum load was 118 pounds per square foot compared to an average of 
161 pounds per square foot for the control trusses. The pulling of the heads 
of the nails into the 3/8-inch plywood was more pronounced than it was in the 
1/2-inch plywood gusset plates. 


Humidity Exposure 


One nailed truss and 2 glued trusses were exposed to 2 cycles of high and 
low humidity before test. One cycle consisted of exposing the trusses to 80 
per cent relative humidity for 30 days and then to 20 per cent relative humidity 
for 30 days. The range in moisture content was from 15 to 7 per cent; the 
length of exposure was not long enough to bring the moisture content of the 
wood trusses into equilibrium with the prevailing humidity. During the con- 
ditioning period, the trusses were loaded to a design load equal to a roof load 
of approximately 35 pounds per square foot and to a ceiling load of 9 pounds 
per square foot. 

At the end of the humidity exposures, nailed truss No. 4 showed some sepa- 
ration of plywood gusset plates from the main member. The glued trusses 
showed no visible effect. 

The separation of the plywood plates from the central members apparently 
caused an increase in deflection for loads up to 1,600 pounds, equivalent to a 
roof load of about 45 pounds per square foot. This load is somewhat above the 
usual design roof load. At approximately 2,400 pounds, the deflection was the 
same as for the control trusses, and beyond that the deflection was even less 
than for the control trusses (Fig. 13). 

The control trusses of glued construction, Nos. 8, 9, and 10, exhibited little 
difference among themselves up to 2-1/4 times design load, whether the ply- 
wood gusset plates were medium or small in size. There was some question, 
however, as to whether the size of gusset plates might have some effect after 
subjecting the glued trusses to both low and high humidity. Fig. 14 shows 
load-deflection curves for the average of the glued control trusses, for truss 
No. 11 with medium-size gusset plates, and for truss No. 12 with small-size 
gusset plates. The sizes of gusset plates are shown in Fig. 6. Apparently, 
better behavior is obtained for medium-size gusset plates. The deflections 
for given loads with medium-size gusset plates are not greatly different from 
those for the controls, although the maximum load for truss No. 11 is only 
about 70 per cent that of the controls but still equal to the nailed truss. 
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Figure 14. --Deflection of glued trusses at center of lower chord when load 
is continuously applied until failure. Curve for trusses Nos. 8, 9, and 
10 shows the average deflection of control trusses. Trusses Nos. 11 and 
12 were exposed to both high and low humidities, but truss No. 11 had 


medium-sized gusset plates and truss No. 12 had small-size gusset plates. 
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When truss No. 12 with the small gusset plates was subjected to both high 
and low relative humidity, it was apparently considerably affected by this ex- 
posure. The deflection at a load of 1,200 pounds, equivalent to a design roof 
load of 35 pounds per square foot, was about 1-1/2 times that of the glued con- 
trol trusses. The maximum load was approximately one-half that of the con- 
trols but was still several times the design load. Although the deflection at a 
load of 35 pounds per square foot was greater than that of the glued control 
trusses, it was still only 3/4 that of the nailed control trusses. Beyond this 
load, the comparison of deflections was even more favorable for the glued 
truss. The maximum load for truss No. 12 was 118 pounds per square foot. 
The lower strength of the glued trusses exposed to high and low relative 
humidity for extended periods of time, as compared to the glued controls, may 
possibly have been due to some breaking down of the wood fiber directly behind 
the glue joint. This could have occurred because of the unequal shrinking and 
swelling of plywood and adjacent solid wood as their moisture content changed. 
Other tesis have shown that in cyclic exposures the major changes 
frequently occur in the first two cycles; hence further exposure to high and 
low humidity might not cause any appreciable further decrease. Also, the 2 
cycles of high and low humidity are believed to be much more severe than 2 
seasons of service, even under rather aggravating moisture conditions. 


Nailed W Trusses with 24-Foot Span and 5-in-1 Slope 


Because the 17-1/2-foot trusses were shorter than those usually used for 
house construction, a second group of W trusses, 24-1/2 feet long, was subse- 
quently built with a slope of 5 in 12 for strength tests. All of these trusses 
were assembled with nails. 

The material used in these trusses was 2- by 4-inch Douglas-fir of the 
1,450f grade. The gusset plates were 1/2-inch, 5-ply Douglas-fir of Exterior 
type. Fig. 15 is a sketch of the truss showing the sizes of the plywood gusset 
plates used. Fig. 16 shows the number and placement of the tenpenny nails 
used for the truss designed for a snow load of 25 pounds per square foot, and 
Fig. 17 shows the joint details for a truss designed for a snow load of 40 
pounds per square foot. After nailing the truss was turned over and rested on 
a concrete floor; then the nails were clinched with a hammer. Care was taken 
to clinch the nails at right angles to the grain of the wood. Each row of nails 
was slightly staggered to eliminate a possible cause of splitting. 

A graphical analysis of the 24-foot roof trusses is shown in Fig. 18. Part 
(a) is the analysis for a snow load of 25 pounds per square foot of horizontal 
roof projection, a dead roof load of 10 pounds per square foot, based on hori- 
zontal roof projection, and a ceiling load of 10 pounds per square foot. A 2- 
foot spacing of trusses is assumed. Part (b) has the same dead roof and ceil- 
ing load but an assumed snow load of 40 pounds per square foot. 

The resulting calculated stresses, in pounds, for snow loads of both 25 and 
40 pounds per square foot, together with dead roof and ceiling load, are shown 
in Table 7, along with the calculated and actual numbers of nails used for each 
joint. Each tenpenny nail in double shear was calculated as good for 180 
pounds of design load including an increase of 15 per cent for short-time 
loading.* 
*The formula used for calculating load per nail in shear was P = KD3/2, For 

Douglas-fir, K = 1,375. The diameter D of tenpenny common nails is 0.148 
inch, Then P = 1,375 x 0.1483/2 x 1.15 x 2 = 180 pounds. 
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Figure 18. --Graphical analyses for W truss with 5-in-12 slope and span of 
24 feet. A, snow load of 25 pounds per square foot; B, snow load of 40 


pounds per square foot. 
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Table 7.--Calculated stresses, nailing schedule, and load per natl 
W roof truss with 24-foot span and 5-in-l2 slope 


for 


Member: Stress for : Nailing schedule: : Load per nail 

: Light : Heavy :Light load :Heavy load :Design Load:Maximum Loadt 
: load=: load=: Re=- ‘Used: Re- :Used:Light:Heavy:Light: Heavy 
: >quired: squired: troof sroof :roof : roof 
$ $ tload :load :load : load 

Us] «2,060 t 21.5 22 ¢ 15,0 15 172 180 720 860 


1,790 -2,320 10.0 10 12.9: 15 : 179 : 155 : 750: 7hO 


! 


#1,910 : 42,500 2 10.6 : 12 : 13.9 : 15 : 159 : 167 : 670 : 800 
41,5270 41,6050 7.0 2.10: 9.2 227 110 : 530 530 
«803: 2.3 3: 3.2 h 135 : 142 : 570 680 


: +610 : 4770's) ¢ At ISk : Tho 


sLateral resistance 150 pounds for tenpenny, clinched nail in double shear. 


<Load per square foot; roof, 25 pounds live plus 10 pounds dead; ceiling, 
10 pounds. 


31oad per square foot; roof, 40 pounds live plus 10 pounds dead; ceiling, 
10 pounds 


—Based on ratio of maximum to design loads, considering roof loads only. 


4 100 11,900 


‘ = | 
Light roof load 1700 * 4.2. Heavy roof load 2500 +8, 
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The 17-foot nailed roof trusses previously discussed all failed at the splice 
at the center of the lower chord; hence, the number of nails calculated as be- 
ing necessary at this point was increased about 50 per cent. The calculated 
load per nail at design load and that at maximum load are shown in Table 7. 

It is interesting to note that the load per nail at maximum load is approximate- 
ly the same for the light and heavy loading. 

. The deflections and residual deflections at the center of the lower chord 
for snow loads of both 25 and 40 pounds per square foot are given in Table 6. 

At a design snow load of 25 pounds per square foot, the deflection at the 
center of the lower chord of truss No. 13 was only 1/1,930 of the span; and 

:. for truss No. 14, designed for a snow load of 40 pounds per square foot, the 

deflection was only 1/1,370 of the span. Even at 2-1/4 times design load, the 

deflections were small and much less than the usual deflection requirement of 

1/360 of the span at the design load. The two trusses differed only in the 

number of nails used. 

Load-deflection curves based on deflection at the center of the lower chord 
for the truss designed for snow loads of 25 pounds per square foot and 40 
pounds per square foot are shown in Figs. 19 and 20. Curves for design load, 
2-1/4 times design load, and maximum load are shown. The curves show 
some residual deflection. The ceiling load and weight of weighing platforms, 
however, had not been removed when the residual deflection was read. If ad- 
justment is made for deflection caused by these loads, as was done in Table 6, 
the residuals are much smaller. 

Truss No. 13, designed for a snow load of 25 pounds per square foot, failed 
when the long diagonal split at the nails that joined it to the lower chord, as 
shown in Fig. 21. There was some bending of the nails and opening at the 
center of the lower chord previous to failure, as shown in Fig. 22. This also 
occurred in truss No. 14, which was designed for a snow load of 40 pounds per 
square foot. The principal failure in the truss designed for a snow load of 40 
pounds per square foot was splitting of the upper chord between the heel and 
the first joint, as shown in Fig. 23. This was preceded by some lateral 
buckling of the upper chord. 


W Trusses with 26-Foot Span and 3-in-12 Slope 


To compare nailed rafter-and-joist construction with glued trusses, tests 
were conducted on a rafter-and-joist construction with a 4-in-12 slope anda 
W truss with a 3-in-12 slope, both designed for a 26-foot clear span and 24- 
inch spacing. 

The rafter-ceiling joist construction consisted of two 2- by 6-inch rafters 
and a continuous 2- by 10-inch joist. The size of the members was in ac- 
cordance with the Federal Housing Administration table of maximum allowable 
spans. Each rafter was nailed to the joist with 9 twelvepenny common nails. 
They were nailed at the peak to a short section of 1- by 8-inch ridge board 
with 2 twelvepenny nails in each rafter. 

All main members of the trusses were 2 by 4’s, and the gusset plates were 
of 1/2-inch, 5-ply, Exterior-type Douglas-fir. The adhesive used was a 
resorcinol resin. Gluing pressure was applied with nails. Truss No. 16 
differed from Nos. 17 through 20 in that gusset plates on both sides were not 
used at all joints and when used were not always of the same size. The 
amount of plywood used for gusset plates for each truss, however, did not 
differ greatly. The diagonals of trusses Nos. 16, 17, 19, and 20 had square-cut 
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0.8 4.0 4.2 


DEFLECTION (INCHES) 


Figure 20. --Deflection at center of lower chord for various increments 
of load on a nailed truss of 5-in-12 slope and with a span of 24 feet, 
designed for a snow load of 40 pounds per square foot. 
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Figure 21. --Truss with 5-in-12 slope, designed for a snow load of 25 
pounds per square foot, split at the nails joining the long diagonal to 
the lower chord. 


Figure 22. --Bending of nails and opening of the center junction of lower 
chord in trusses Nos. 13 and 14. 
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Figure 23. --Truss with 5-in-12 slope designed for snow load of 40 pounds 
per square foot, failed when upper chord split between heel and first 
joint. Some lateral buckling in upper chord preceded the splitting. 


ends, while the diagonals of truss No. 18 were cut to fit closely against the 
upper and lower chords. Trusses Nos, 19 and 20 had solid wood splice plates 
at the center of the lower chord, while the other had plywood gusset plates 
throughout. More detailed information is given in Table 8. 

The trusses showed greater stiffness than the rafter-and-joist construction 
(Fig. 24). In general, the trusses carried more than twice the design load be- 
fore a deflection of 1/360 of the span occurred (Table 6). After removal of a 
load equivalent to 40 pounds per square foot, the rafter-and-joist construction 
had a residual deflection several times that of the trusses. 

Truss No. 16, with asymmetrical gusset plates on opposite sides of its 
joints, failed at a lower load than the other trusses. Trusses Nos. 19 and 20, 
with solid wood tie plates for the lower chord, failed at higher loads than the 
other trusses. 


Trusses show considerable superiority over rafter-and-joist construction. 


King-Post and W Trusses with 32-Foot Span and 2-in-12 Slope 


It was felt that, in addition to the experiments with W trusses of 17-, 24-, 
and 26-foot spans and with slopes of 5 in 12 and 3 in 12, trusses of longer 
spans and lower slopes should also be tested. Therefore both king-post and 
W trusses of 32-foot span and 2-in-12 slope were included in this experiment. 

The king-post and W trusses consisted of 2- by 6-inch members and 5/8- 
inch-thick plywood for gusset plates, except at the center of the lower chord 
where solid wood splice plates were substituted. A resorcinol-resin glue was 


ASCE WOOD TRUSSES 1839-37 
— 
| 
= 
| 

a 
4 
2 

3 


1839-38 


November, 


Table 8.--Construction details of rafter and trusses 


Construction detail Truss 


No. 15: 


hin l2: 


Weigitt. 
Structural members : 
Upper 
Lower chord..... 
None 
Ends equare 
Ends cut to fit... 
Gussets None 
Symmetrical 
Heel 
Bike. 


2 by 6 


Size of naile............pemny: 
Number of nails per gusset....: 


Number of nails at joint...... 
Peak 

Number 


Size of naile............pemny: 
Number of nails per gusset....: 


Number of naile at joint......: 
Short diagonal-top chord 
Number 
Size of nails............pemny: 
Number of nails per gusset....: 
Short diagonal-long diagonal- 
bottom chord 
Number. 
Size of 
Number of nails per gusset....: 
Bottom chord splice 
Number... 


Size of 
Number of nails per guoset....: 


: 2 by 10: 


12 by 15 
: 3-5/8 by 15: 


1: 
3-1/2 by 7: 
6 . 


$ 


1: 
10 by 10: 


4 
14 


6: 
16: 


12: 


Truse 


ll by 13: 
4: 
16: 


1 
Truse H Truss Truse Truss : 
No. 16 3 No. 17 No. 18 No. 19 No. 20 
3 in l2: 3 in 12: 3 in l2: 3 in l2: 3 in 12 
104 : 100 : 104 110 112 
: 2by 4: 2by 4: 2by 2 by 2 by & 
2by 4: 2by 4: 2by 4: 2by &: 2 by 4 a 
2by 4: 2by 4: 2 by 2by 2 by 4 
x? x3 xz: x 
: : : x: 
i No : Yes : Yes : Yes : Yes 
: 2: 2: 2: 
: 15 by 33: ll by 13: ll by 13: ll by 13 i. 
12: 6: ¢ 
: 36 : 16 : 1é 
16 : : : : 
93 H H H 2 
2: 2: 2: 2 
9 by 10: 9 by 10: 9 by 10: 9 by 10 Fe 
18 : 18 : 18 
None : : 2 : 2 : 2 : 2 : 
: 3-1/2 by 10 : 3-1/2 by 10 : 3-1/2 by 10 : 3-1/2 by LO ; 
6: 6: 6: 6 
: 8: 8: 8: 8 
None : 2: 2: 2: 2 : 
3 8 by 10: 8 by 10: 8 by 10: 8 by 10 
he: 6: 6 
None : 2: 2: 23: 2: 2 
by 26 : by 2h: by by ah: by ab 
6: 6: 6: 6: 
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Figure 24. --Deflection at center of lower chord for various increments of 


load on a rafter-and-joist construction with 4-in-12 slope (No. 15), and 
trusses Nos. 16 through 20 with 3-in-12 slope. 
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used, and pressure was applied with nails. Details of construction for the 
king-post truss are given in Fig. 25 and those for the W trusses in Fig. 26. 


WOOD TRUSSES 


1839-41 


Both the king-post (Nos. 21, 22, and 23) and W trusses (Nos. 24, 25, and 


26) sustained loads well above the design load before a deflection of 1/360 of 
the span at the center of the lower chords was reached (Table 6, Figs. 27 and 
28). Both types sustained loads about 4 times as great as the design roof load 
of 40 pounds per square foot. The residual deflections of all trusses were 
very small immediately after removal of the design load and also after re- 


moval of 2-1/2 times the design load. 


The W trusses failed because rolling shear developed in the plywood of the 
peak gusset plates, as shown in Fig. 29. The king-post trusses failed in bend- 


ing of the upper chord, indicating a need for high-grade material for this type 
of truss. 


Tapered Box-Beam Truss with 32-Foot Span and 1-in-12 Slope 


Houses with very low-pitched roofs are becoming increasingly popular. 
Such houses, with roof trusses, present problems of design and construction, 
since trusses with low slopes develop large horizontal thrust under load. 

In an attempt to overcome these difficulties, trusses of the tapered box- 
beam type with a 32-foot span and a 1-in-12 slope were investigated. They 
consisted essentially of 2- by 4-inch or 2- by 6-inch top chord and 2- by 4- 
inch bottom chords. Douglas-fir plywood was applied continuously on both 
sides for their entire length, as shown in Fig. 30. A resorcinol-resin glue 
was used, and pressure was applied with nails. The construction details are 
shown in Fig. 31. In all trusses, solid wood blocking was installed with its 
grain horizontal at every plywood joint. In addition, a 1-5/8- by 2-inch strip 
36 inches long was glued to the bottom chord to splice the pair of 2 by 4’s 
used for this chord. 

These trusses had relatively large deflections as compared to other trus- 
ses with steeper slopes. Truss No. 27, which had both top and bottom chords 
made of 2 by 4’s, had a deflection-span ratio of 1/310 at a design load of 40 
pounds per square foot of roof load. This truss sustained a maximum load 
equivalent to 137 pounds per square foot of roof load (Table 6, Fig. 32). It 
failed at an outermost joint in the plywood face. 

Truss No. 28 was reinforced by gluing a strip 1-5/8 by 2 inches in size on 
the top chord, thus making the top chord a 2- by 6-inch member. It was 
further reinforced by gluing a cover plate on either side of the truss at the 
plywood joint nearest the support. The reinforcement helped considerably, 
and the deflection at design roof load of 40 pounds per square foot was about 
1/360 of the span. This is usually considered adequate. The truss sustained 
a load of 130 pounds per square foot, and failure occurred at a plywood joint 
nearest the center of the span. 

Truss No. 29 had plywood cover plates at all joints in the plywood faces 
and a 2- by 6-inch top chord. This truss gave the best performance of the 3, 
with a deflection at design load of 1/420 of the span and a failing load equiva- 
lent to a roof load of approximately 150 pounds per square foot. It failed in 
the plywood face about 6 feet from one end of the truss. 
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Figure 27. --Deflection at center of lower chord for various increments of 
load on a king-post truss with 2-in-12 slope and 32-foot span. 
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Figure 28. --Deflection at center of lower chord for various increments of 
load on W trusses with 2-in-12 slope and span of 32 feet. 
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Figure 29. --Rolling shear failure in plywood gusset plates at peak of 
W trusses with 2-in-12 slope. 


i 


Figure 30. --Construction of truss with l-in-12 slope. Plywood was 
nail-glued to both faces. The sixpenny nails were spaced 8 inches 
apart and 3/4 inch from each edge of both top and bottom chord. 
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Figure 32. --Deflection at center of lower chord for various increments of 
load on nail-glued trusses with l-in-12 slope and span of 32 feet. 
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GENERAL CONCLUSIONS 


(1) The tests here reported indicate that well designed and well construct- 
ed nailed trusses with a slope of 4 in 12 or greater should give adequate 
service. 


(2) Glued trusses, because of their rigid joints, are much stiffer than 
nailed trusses. 

(3) Glued trusses show little increase in deflection even when carrying 
near-maximum loads, whereas nailed trusses will deflect considerably 
under similar conditions, 

(4) Glued trusses show some loss in stiffness and considerable loss in 
maximum load from exposure to cycles of high and low relative humidi- 
ty. Nailed trusses are less affected. 

(5) The ease with which high rigidity and strength can be obtained in glued 
joints makes glued trusses particularly suitable for trusses with low 
slopes. 

(6) Because the strength of a glued truss is entirely dependent upon the ef- 
ficiency of the glued joints, only those glues that will perform satis- 
factorily under adverse atmospheric conditions are recommended. 
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Journal of the 
STRUCTURAL DIVISION 


Proceedings of the American Society of Civil Engineers 


a 
GLUED LAMINATED WOOD CONSTRUCTION IN EUROPE 


M.L. Selbo,! and A.C, Knauss,” 
(Proc. Paper 1840) 


ABSTRACT 


History and current status of wood laminating industry is reviewed. Ad- 
hesives, wood species and production methods vary from USA practices. 
More efficient design by use of I-beams enables European engineers to 
saveuup to 25% lumber and still provide a stiffer construction than comparable 
American rectangular beam designs. 


Historical 


Arch and beam construction of glued laminated wood was used in Europe 
for framing churches, railroad stations, factories, and warehouses for more 
than 30 years before it was introduced in America (Figs. 1 and 2). 

A patent, No. 24,405, for assembled wood beams was granted June 28, 


1901, by Switzerland to Otto Hetzer of Weimar, Germany. One of the claims he 
in this patent reads as follows: “Laminated wood beams in which flanges and . 
webs are joined by glue.” Other Swiss patents granted to the same inventor a 
are No. 33,871, dated June 2, 1905, covering a process for constructing glued * 
laminated beams; No. 40,409, June 13, 1907, claiming a “curved wood struc- : 
tural member characterized by two or more laminations that are joined . : 


throughout their length by a waterproof glue;” and No. 50,660, March 10, 1910, 
covering wood trusses having diagonal glued-up web construction secured by 
glue joints to the chords, 


Note: Discussion open until April 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 1840 is 
part of the copyrighted Journal of the Structural Division, Proceedings of the 
American Society of Civil Engineers, Vol. 84, No. ST 7, November, 1958. 

a. Presented at the June, 1958 ASCE Convention in Portland, Oreg. 

1. Chem. Engr., Forest Products Lab., Forest Service U.S. Dept. of Agri., 
Madison, Wis. 

2. Wood Technologist, Pacific Northwest Forest Experiment Station, Forest 
Service, U.S. Dept. of Agri., Madison, Wis. 

Background for this paper was gained during visits to Europe by both 
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Fig. 1. Waiting room in Central Railway Station, Stockholm, Sweden, 
was built in 1925 with casein-glued arches that have a span of 80 feet. 
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authors. Selbo inspected laminated structures and visited laminating plants 
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The earliest German patent known to the authors on curved laminated wood 
construction was granted to Hetzer June 22, 1906. Hence it appears that the 
earliest activity in structural glue laminating occurred about simultaneously 
in Switzerland and Germany. The record of the earliest such construction that 
the authors are aware of is quoted in the following paragraph: 

“When in the year 1893 the national sangerfest (singer’s meet) was cele- 
brated in Basel, Switzerland, the auditorium with its 135-foot span wood 
arches erected for the occasion caused a great deal of admiration,” according 
to the Swiss Building Organ (Schweizerische Bauzeitung) of October 14, 1911. 
This same issue contains a number of illustrations of bridges, railway 
stations, auditoriums, and other structures built with glued laminated arches 
bonded with “waterproof glue.” It states that with this type of construction it 
is possible to design beams and other members of a building or bridge con- 
struction in such a way as to increase the section at the points of maximum 
stress and taper it down at other points where the loads are not so great, 
which results in a great saving of material in comparison with conventional 
construction. Further advantages given are elimination of insecure timber 
joints and fire danger. 

During the early part of this century, the Hetzer type of construction was 
used in building railway stations in various points of the Swiss railway sys- 
tem. However, the most important field in which the Hetzer system was used 
in the erection of factories and workshops. Also, a large number of gym- 
nasiums were constructed by this system all over Switzerland. Numerous 
bridges were also built in which the arches were glued laminated wood. It 
has been reported that by the year 1920 an area of about 2 - 1/2 million 
square feet was covered by construction of the Hetzer type in Switzerland. 

It was further reported that the Hetzer construction makes use of wood 

strips of different lengths up to about 70 feet. The thickness of the lamina- 
tions varied from about 5/16 inch to 1 - 1/4 inches and in general was directly 
proportional to the curvature to which the built-up member is bent. The width 
of the laminations varied from about 3 to 9 inches, and the lengths used could 
be as little as 6 feet for laminations near the neutral axis. In the outer 
layers, however, the laminations were all of full length without any joint. A 
secret type of glue of unknown composition was used to begin with, but was 
found too costly and was replaced by a glue based on casein, The pressing 


and other woodworking establishments in Scandinavia in 1946. In the early 
part of 1955 he visited Holland, Belgium, Germany, France, and Italy and 
inspected several marine laminating plants and shipyards. During the ac- 
ademic year of 1955 and 1956 (while on a Fulbright research grant in Oslo, 
Norway) he visited about a dozen European countries, including Germany, 
France, Switzerland, Italy, all the Scandinavian countries, and the low 
countries, to study developments in glues and glued products and other de- 
velopments in the wood industries. 

Knauss spent several weeks in Europe in 1953 during which time he 
visited laminating and other wood industries in Sweden, Germany, 
Switzerland, Holland, France, and Italy. He then escorted a team of 17 
representatives from the woodworking industry of 8 European nations on a 
tour through plants of the wood laminating industry in the United States, 


4. Report by Technical Assistant in Europe of the U.S. National Advisory 


Committee for Aeronautics, Dec. 20, 1920. 
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together of the glued laminations was done with screw clamps, and no nails or 
spikes were used. The moisture content in the laminations to be glued 
together was not to exceed 15 percent with an average of 10 to 13 percent. 
The members were generally glued in a central factory and assembled at the 
building site. No gluing was done at the site. 

When the various elements of a Hetzer construction were completed, they 
were given a coating of linseed oil before they were taken to the building site. 
This was done for the purpose of protecting the parts from moisture while the 
building was being erected. Subsequent coats of paint might have been given 
either to the completed structure or to the parts before they were assembled. 
No other protective coatings were needed except for members surrounded by 
masonry work; such members were given a coat of anthracene oil which, 
according to experience, had no deleterious effect on the glue joints. 

From Germany and Switzerland, laminating soon spread to France, 
Belgium, the Netherlands, and the Scandinavian countries as well as to other 
parts of Europe. The production method was essentiaily the same in all 
countries except in Sweden. There a hooked scarf joint was used for splicing 
the laminations, and during the lay-up the laminations were nailed in place, 
after which pressure was applied by screw clamps to the completed assembly. 
In other countries, butt joints were used in inner laminations. 


Current Status 


The greatest activity in structural wood laminating in Europe within recent 
years has not been in the countries where it first grew to appreciable size— 
Germany and Switzerland. The two largest laminating plants in Europe visited 
by the authors were located in Holland and Sweden. Both of these plants have 
been in operation for nearly 40 years. Although Holland is not a wood- 
producing country, it probably has about the most thriving laminating industry 
in Europe; the lumber is imported from Scandinavia and Eastern Europe. 

In Switzerland the laminating industry is now relatively small. An 
authority on wood construction gave as one of the main reasons for this the 
increase in price of lumber, which put wood in a very difficult position com- 
petitively. 

Germany has practically no laminating industry at present, but use of a 
lattice-type girder (Dreieck Streben Bau), in which the diagonal web members 
are fastened to the flanges with a glued mortise-and-tenon type of joint, 
seems to be on the increase. About 40 firms are licensed to produce this 
type of truss in Germany under the general supervision of the Material 
Testing Laboratory (Materialprufungsinstitut) in Stuttgart. The saving in 
material by use of this truss is reported to be as much as 50 percent as com- 
pared with solid timber construction. Some of the earlier experiences with 
this type of truss were not entirely satisfactory, and this was attributed to 
the use of acid-catalyzed phenol resin glue that sometimes failed in service. 
Resorcinol glue, introduced later, was reported to have been much more 
satisfactory for bonding the web member to the flanges. 

Another type of arch and beam construction that has had considerable use 
in Europe is the HSB type in which only the flanges are glued-laminated with 
parallel laminations. The web consists of 2 layers of boards, usually 1 inch 
thick, with the grain in one layer at about 90° to the other and with the grain 
of both at about 45° with the flanges. The two-web layers are fastened 
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together by nails, and then the flanges are placed, one on each face of the web, 
at the top ani bottom edges; after which long nails are driven through the 
flange, the web assembly, and into the opposite flange. Next, the assembly is 
turned over and long nails are driven from the opposite side through the 
flange-web-flange assembly. Sometimes the flanges are nail-glued to the 
web. This type of structure is reported to have been developed in Sweden. 


Species for Lamination in Europe 


Spruce seemed to be the preferred species for laminated wood in several 
of the countries visited, although pine and fir are used occasionally. Resinous 
or pitchy wood is avoided, possibly because there seemed to be some doubt 
about its gluability. One authority in Switzerland indicated that sound, com- 
pletely air-dried spruce is the most desirable material for structural lami- 
nating, but that fir, pine, or larch can also be used and may be advantageous 
where exterior exposure is involved. 

Much of the material used contains small sound knots; long lengths up to 
40 feet are still used in outer laminations, but long boards are becoming more 
and more scarce as well as costly. 

The arches in Fig. 3, which show a great many knots on their faces, are 
representative of much of the laminated material produced in Europe. 

The strength properties of European spruce are similar to those of white 
spruce in this country, and the Scotch pine or fir comes fairly close to our 
red pine in strength. 


Glues and Gluing Practices 


The types of adhesives used vary considerably from country to country. In 
Sweden, casein glue is used exclusively for all interior laminates and resin 
glue for members used outdoors. For the latter type of service, preservative - 
treated wood is also being laminated (Fig. 4). In the largest laminating plant 
in Holland, casein glue was used exclusively up to 1935. Since that time, 
room-temperature-setting urea formaldehyde resin glue has been used, ex- 
cept when the buyer occasionally specifies resorcinol formaldehyde glue. In 
one plant in Belgium resorcinol glue is being used exclusively. In Switzerland 
room-temperature-setting urea resin glue has commonly been used in later 
years, 

One plant reported that, when large members were glued with urea resin 
glue, a slow-acting hardener was employed for the first half of the assembly 
and a faster one for the last half. This was done to avoid excessive cure of 
the glue in the first glue lines before pressure could be applied. 

An authority on glues in Switzerland was of the opinion that Swiss urea 
resin glues are superior for laminating to those made in the United States. 
Their urea resin glues, he claimed, had been designed for laminating and for 
slow setting and are not as highly catalyzed as the fast-setting urea glues 
designed for plywood in the States. 

It is still common practice in most laminating plants in Europe to put 
some type of finish, usually paint but sometimes varnish, on the laminated 
members before they leave the plant. 

One laminator reported that they give a 15-year guarantee against glue 
failure on everything they produce. 
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Some laminating for marine use has been done during the past few years in 
several European countries, including Finland, Norway, Sweden, Denmark, the 
Netherlands, Belgium, France, and Italy. For most of this work resorcinol 
glue has been used, but it was reported that some of this laminating was done 
with urea resin glue. The wood glued with urea resin for marine use has 
been mainly mahogany. 

Testing of glue joints was observed at one plant, but it is not known 
whether such tests are being made regularly. In Germany the Material 
Testing Institute at Stuttgart exercises control of structural gluing and issues 
licenses based on plant facilities and technical know-how. Tests on samples 
from production of the licensees are carried out regularly by the Institute. 

In other countries the laminators occasionally have tests made on their 
products, mainly for strength properties, but no evidence of control of the 
product by official agencies was observed in countries other than Germany. 
Neither was much evidence observed on the Continent of organized long-term 


durability testing on glue joints. (Such testing has been carried on for years 
in Great Britain.) 


Production Methods 


There is probably more variation in production methods from plant to 
plant and from one country to another in Europe than is found in the United 
States. In the United States the laminating industry, largely because of the 
splendid work of the American Institute of Timber Construction, has reached 
a high degree of standardization during later years, but there are as yet no 
common standards or grades generally subscribed to by laminators in dif- 
ferent countries of Europe. 

In some plants for instance, not a great deal of attention seemed to be paid 
to control of moisture content of the stock, although as a rule the stock was 
thoroughly air-dried and at most plants it was finished by kiln drying. In 
other plants, careful checking of moisture content was routine procedure; in 
one plant in Holland an automatic moisture-measuring device had been 
installed. 

End-jointing practices also vary a great deal. Simple butt joints are still 
used in many places for all inner laminations, whereas plain scarf joints 
are used in the outer ones. The slope of scarf jvints is usually 1 in 10 and 
may be as steep as 1 in 8 and as flat as 1 in 12. As indicated earlier, a 
hooked scarf has been in use for several decades in Sweden. The laminations 
are nailed in place during the lay-up and the hook or notch aids in alining 
the scarf. When the lay-up is completed, clamps are applied to furnish gluing 
pressure. 

Finger jointing seems to be on the increase in Europe, both in laminating 
and for other uses. The fingers are sometimes cut parallel to the edge of the 
board and sometimes parallel to the face. The trend seemed to be toward 
thinner and sharper pointed fingers that provide more gluing area and 
result in less end-grain gluing. One laminating plant in Holland used a 
sawn finger joint, and the gluing was carried out very rapidly by spraying the 
hardener on a stack of finger-jointed boards and applying the urea resin to 
mating joints. The instantaneous pressing of such joints was accomplished in 
a machine, from which the boards traveled in a continuous ribbon. The cross 
cutting to any required length from this ribbon was also automatic. 
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Finger jointing of timbers for railway sleepers (switch ties) was done in 
Germany shortly after World War II. The length of fingers used was about 
1 - 1/2 inches, and the thickness of the tips of the fingers was 5/64 inch. The 
slope from root to tip of fingers was about 1 in 8. 

In a plant in Switzerland, finger jointing of laminated beams about 5 by 8 
inches in cross section was observed in 1956. The fingers were slightly more 
than 2 inches long and had a slope of about 1 in 11. End pressure in gluing 
these joints was supplied by block and tackle, tightened by a portable wind- 
lass. Laminated webs for I-beams were finger jointed in the same manner. 
It was reported that when beams were finger jointed the joints were located 
in areas of low bending moment. 

The reason given for end jointing members of large cross section instead 
of individual boards was that the latter procedure was more costly. The 
beams and web sections, subsequently end jointed, were glued and pressed in 
a large press, about 16 feet long, that could accomodate a great deal of 
material in one pressing. 

Laying up of assemblies is done both on vertical and horizontal jigs. In the 
horizontal jigs the glue lines (planes) in the assemblies are vertical, which 
results in some glue running to the lower edge of the boards and causing un- 
even spread; for this reason, many feel the vertical jigs are safer. However, 
horizontal jigs lend themselves to greater production, particularly where 
large members are involved, and more and more plants are switching to this 
type. 

Up to recent years, spreading of the glue was done by brush in many 
plants, but mechanical spreaders are now commonly used. 

Gluing pressure was usually applied by screw clamps. These were often 
of the type where the pressure is applied to a stiff bar on top of the assembly 
by a central screw through the head of the clamp; thus they furnish reasonably 
uniform pressure across the assembly. 

Since room-setting glues are commonly used, equipment for curing is not 
needed. Those that are equipped to apply heat for setting of the glue are 
firms producing under contract to the military for such naval uses as mine- 
sweeper framing and the like, and this equipment is usually patterned after 
U.S. A. designs. 

Surfacing of the glued-up members was commonly done with portable 
power tools, such as saws, planers, and sanders, 

Both in Sweden and Holland application of such finishes as oil-based paints, 
to the laminated members is rather common (Fig. 5). In a plant in Holland, a 
spray application of a preservative called “Xylamon” (reported to be com- 
posed of chloronaphthalin and pentachlorophenol) prior to painting was also 
employed. In the same plant an oak block about 1 inch thick was fitted to the 
base of members resting on concrete. The softwood, therefore, did not come 
in contact with the concrete. 

As a further precaution against decay, this firm also drilled holes, which 
slanted downward, in the heels of the arches near the base, and repeatedly 


filled the holes with Xylamon preservative. The holes were later plugged with 
wood plugs. 


European Design Pattern 


Whereas in the United States the rectangular section is used almost exclu- 
sively in laminated construction, the European practice has favored the 
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Fig. 5. Church at Utrecht, 
attractive against the darker background 
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I-section type. This difference in design has been prompted largely by the 
relatively higher cost of lumber in Europe and the relatively lower cost of 
labor; recently, though, the economic conditions seem to be changing some- 
what in that labor cost is increasing. The main motive for using the I-section 
rather than the rectangular section in fabricating glued laminated beams to 
carry given loads is to save lumber. 

This can be illustrated by the following examples in which a European 
design is compared with an American design. A Douglas-fir roof beam 
design for a 60-foot span is given in Addendum I. The rectangular section 
was designed by an American laminating firm, using the standard design 
strength values applicable to dry Douglas-fir. The I-section was designed by 
a European laminating firm, using the same dry Douglas-fir strength values. 
It may be noted that for this roof beam the European I-section design requires 
only 86 percent as much lumber as the American rectangular design. In the 
finished form, the I-section beam contains 83 percent as much wood as the 
rectangular beam. Both have the same load-carrying ability, but the 
European design is 18 percent stiffer than the American design. The relation- 
ships shown in this example might, of course, be different for other spans 
and sections, but it was reported that often 25 percent more material was 
required for rectangular than for I-beam sections with equal moments of 
inertia, 

European fabricators, however, do not have Douglas-fir available for 
laminating; they generally use the native fir, spruce, or pine, which are of 
lower strength. The controlling European building codes also have limited the 
design stresses to those allowed for green sawed timbers, even though dry 
lumber is used for laminating and the glued members are used under dry con- 
ditions. As a result, the glued laminated members are of a larger section 
than American design would require, even though the same species were used. 
However, European engineers are investigating the possibilities of using in- 
creased design values for dry wood and this is expected to result in more 
economical designs. 

Lateral stability and buckling resistance also are factors that affect both 
types of design. Swedish practice indicated that the beam height should not 
exceed 6 times the beam width for rectangular sections and 5 times the 
flange width for I-sections in order to avoid buckling. This applies to sections 
where the bending moment governs. 

Various means for improving lateral stability and buckling resistance of 
I-beams are employed, In the structure shown in Fig. 2, diagonal bracing 
from the lower flange to the purlin is employed in addition to vertical stif- 
feners or battens. The vertical stiffeners are usually screwed or nail glued 
to the web, and some clearance is left between the ends of the stiffners and 
the flanges to allow for vertical movement in the web. In Sweden these 
stiffeners or fillers have generally been made of laminated wood with the 
grain parallel to the grain of the web, and this is also being practiced in 
Holland. This largely eliminates differential shrinkage and shearing stresses 
between web and stiffeners but reduces their effectiveness in preventing 
buckling. Diagonal stiffeners are sometimes used to prevent buckling and to 
increase stiffness of the members (Fig. 6). This arrangement results in 
somewhat less differential swelling and shrinkage than with vertical stiffeners 
that have their grain perpendicular to that of the web. To increase shear 
resistance and possibly also compressive strength, fillers in I-sections are 
generally used in the areas near the ends of the members where shear 
stresses might be critical (Fig. 7). 
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One laminator in Switzerland provides high shear resistance by making the 
web of 2 or 3, and sometimes 5, vertical laminations glued together with the 
grain of adjacent laminations at an angle of about 15°. The webs are glued 
in a 16-foot press and are then end spliced to longer length by glued finger 
joints. The general direction of the grain of the wood in the web parallels the 
length of the beam. The flanges are made with the laminations vertical and 
are nail glued to the edges of the web. This type of construction has been 
patented in Switzerland. 

Joints or splices in I-sections are commonly made by the use of wood 
splice plates on each side of the web and metal splice plates on the top and 
bottom of each flange. 

While European design, up to recent years, has largely made use of the 
I-section for glued laminated members, current economic conditions some- 
times favor the use of the rectangular section. As already indicated, the I- 
section generally requires less material, but the cost of production is greater. 
In Sweden it was reported that with the current relationship between lumber 
prices and wages an I-section, as a rule, is more economical when the beam 
height exceeds about 16 to 20 inches. For beams with lower section height, 
the greater fabrication costs outweigh the savings in material. An empirical 
method used in Sweden for estimating the cost in kroner (about $0.19) per 
meter of length of laminated members is to multiply the area of the cross 
section in square centimeters by 0.06 for rectangular sections and 0.10 for 
I-sections, Converting to U.S. values, the cost per foot length of beam is 
obtained by multiplying the beam cross sectional area in square inches by 
$0.036 for I-beams and by $0.0224 for rectangular beams. These factors 
might be entirely different in other countries because of variations in the 
labor-material cost ratio. 

In Switzerland, where costs of lumber and wages are among the highest in 
Europe, costs of about $430 per thousand board feet were indicated for 
laminated arches. 

The cost of laminated construction compared favorably with the cost of 
other construction materials in most countries visited, particularly for 
spans of considerably more than 50 feet. Structural lumber prices did not 
seem to vary a great deal, usually being about $115 per thousand board feet 
for the highest grades, although possibly higher in Switzerland. Among the 


countries visited, labor cost was the lowest in Holland and highest in 
Switzerland. 


Performance of Laminated Construction 


Laminated structures that have been in service for more than 30 years are 
not uncommon in many parts of Europe. It was reported that, as a rule, 
laminated wood construction had given good service when produced by reput- 
able firms that used the proper techniques and equipment. 

Among structures that were observed were a couple large warehouses at 
East Railway Station in Oslo, Norway. These buildings had been erected in 
1922 with casein-glued laminated arches of the I-section type. They were 
still in entirely satisfactory condition when examined a few years ago. At 
Central Railway Station in Stockholm, Sweden, arches over waiting halls 
(Fig. 1), offices, and ticket agencies are of laminated wood, some of which 
were constructed in 1925. Several of these arches were examined by the 
authors and appeared to be in excellent condition. 
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One of the oldest structures observed using laminated wood was a laminat- 
ing plant in Basel, Switzerland (Fig. 8). This plant was reported to have been 
built in 1910. 
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ADDENDUM I 


Roof Beam Designs 


Problem 


Effective span - 60' 0"' 
Uniform load by roof joists on top edge of beam 
Live load (snow) - 600 lbs. per lineal ft. 
Dead load (including weight of beam) - 200 lbs. per lineal ft. 
Rise of beam - 6"' rise at center load (not including camber) 
Beam stiffness - allowable live load deflection should not exceed 1/200 
span 
Camber - two times dead load deflection 
Allowable basic stresses 
E - 1,800,000 p.s.i. 
f - 2,600 p.s.i. 
H - 165 p.s.i. 


Rectangular Beam Design 


Height of beam - 37 - 1/4"' 
Width of beam - 7"' 
Length of beam - 60' 0"' 


Check calculations 


bh3 37-1/4° 


12 


I 30,150 


1,619 
1/2h 1/2 x 37-1/4 


SM 


A = bh = 7 x 37-1/4 = 260.8 sq. in. 


M (live and dead load) = = 800 x 60 x 60 x = 4,320,000 in. lbs. 


{ = 4,320,000 _ 2,668 lbs. per sq. in. 


1,619. 
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Camber (two times dead load deflection) = 
x x 200 x 60 x (60 x 12) 
5 WL 364 200 x 60 x (60 x 12) 


2x El = 1,300,000 x 30,150 22.15 


3 
Deflection at 600 lb. live load = a 600 x 60 x (60 x 12) - 
384 1,800,000 x 30,150 


w 
iv 


VQ_3V__ 3. 800x27 


Lumber required for laminating - 1963 FBM 
Net volume of finished beam - 7 x 37 - 1/4 x 60 x 12 = 187,740 cu. in. 


I-Beam Design 


Height of beam - 42 - 1/2 in. a 
Width of web - 3 - 3/4 in. 

Width of flange - 7-1/2 in. 
Height of web - 34 in. { 


Height of eachflange - 4 - 1/4 in. 


Check calculations 


I= x 42-1/24) - (3-3/4 x 243) = 35,696 in.* 


I _ 35, 696 
= 1,680 in. Bis 
21-174 


A = (2 x 7-1/2 x 4-1/4) + (3-3/4 x 34) = 191-1/4 sq. in. 3 
Q = (3-3/4 x 17x 8-1/2) + (7-1/2 x 4-1/4 x 19-1/8) = 1,151-1/2 in. 
M 


(live + dead load) = we = (800 x 60 x 60 x 12) - 4 320,000 in. Ibs. 


4,320,000 
= 2,571 p.s.i. 
Camber (two times dead load deflection) = 2 x —— = + : 
384 * “EI 


3 
00 x (60 x 12), 0.908 = 1.82 in. 


384 1,800,000 x 35,696 


3 
: ; 5 600 x 60 x (60 x 12) 
Deflection at 600 lb. live load = £00 x 60 x 
384 * 1,800,000 x 35,696 in 


VQ 24,000 x 1,151-1/2 
Horizontal shear = 35,696 x 3-3/4 = 206.45 lbs. /sq. in. 


24,000 x 1,151-1/2 _ 
(with fillers) = 7-1/2 x 35,696 * 103 p.s.i. (at ends) 
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165 x 30 | 
Required length of fillers = 30 - 306.45 * 6.02' =6' 1 

Lumber required for laminating - 1,691-1/2 FBM 

Net volume of finished beam 


Web - 3-3/4"' x 34"' x 47' 10" = 73,185 cu. 
Web ends - 2 x 7-1/2"' x 34'' x 6' 1"' = 37,230 cu. in. 
Flanges - 2x 7-1/2"' x 4-1/4'' x 60" 0''= 45,900 cu. in. 


Total 156,315 cu. i 
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PRESSURE PRESERVED WOOD FOR PERMANENT STRUCTURES" 


C. Miles Burpee! 
(Proc. Paper 1841) 


Today’s nation-wide wood preserving industry is another of the many re- 
markable developments of private enterprise. Just as modern metallurgy has 
developed alloys that successfully resist corrosion and other destructive 
agencies, so has modern research produced timber products that are designed 
for permanent construction. Through the ages wood has been rated one of the 
finest building materials known to man. But it too has natural enemies. 
Today’s pressure preserved Douglas fir, Southern pine and other commercial 
species will outlast Nature’s so-called durable woods with their limited re- 
sistance to decay and attacks by termites and other insects. Moreover, 
modern treatments with fire retardant chemicals provide engineers, archi- 
tects and builders with reliable construction lumber that has many advantages. 
It reduces the risk and permits the control of disastrous fires. 

Wood so treated prevented a raging fire from destroying a Navy blimp 
hangar, 1,000 ft. long and 170 ft. high, at Tillamook, Oregon, in the summer of 
1956. Shortly after the fire broke out the mammoth blaze raced up the in- 
flammable roof coating and the crowd shouted, “There she goes!”—but “she” 
didn’t. One hour after the blaze broke out it was brought under control and 
damage was restricted to less than one per cent of the $6 million replacement 
cost. 

In addition to fire retardant wood, modern construction timber can be fully 
protected only by forcing an approved preservative deep into the wood, under 
pressure in a closed cylinder. Superficial applications by brushing, dipping 
or spraying will not protect the wood adequately. 

All of this has not happened overnight. The preservation of wood in this 
country was initiated more than a century ago and several railways were ex- 
perimenting with treatments back in 1863. However, it was not until after 
1885, when the price of crossties had advanced to a point where railway men 
became concerned about ways of reducing costs by increasing tie service life 
- and foresters became alarmed about the exhaustion of timber supplies, that 


three pressure treating plants were built. Ten years later 12 were in 
ope ration. 


Note: Discussion open until April 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 1841 is 
part of the copyrighted Journal of the Structural Division, Proceedings of the 
American Society of Civil Engineers, Vol. 84, No. ST 7, November, 1958. 

a. Presented at the June, 1958 ASCE Convention in Portland, Oregon, 

1, Executive Director, American Wood Preservers Inst., Chicago, Ill. 
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The greater part of all the timber treated in the United States prior to 1900 
consisted of about 15 million crossties. In 1898, replacements of crossties 
in railway tracks averaged 304 per mile per year and the railways were in- 
stalling more than 100 million ties annually. The average life of untreated 
ties in all tracks ranged from six to a maximum of 12 years, Fifty-five years 
ago only 9.5 per cent of the crossties installed in tracks were preservatively 
treated. 

Although the treating practices of the early days increased tie life sub- 
stantially, continued research and improvements within the treating industry 
largely are responsible for today’s average crosstie life of 36 years. Average 
yearly renewals for the last five years dropped to 82 ties per mile of track 
and more than 98 per cent of all ties installed were pressure treated. As an 
outstanding example of the economy of pressure treated wood, the Association 
of American Railroads estimates that the savings made by all the railways of 
this country amount to $3/4 million per day, or about $300 million per year. 

From a small beginning some 73 years ago wood preserving has developed 
into a sizable, progressive research minded industry dedicated to greatly in- 
creasing the life of all lumber and timber products in service. Of today’s 
240 plants only 14 are operated by railways. In 1956 the industry treated 
almost 258 million cu. ft. of wood. Among those products were 26 million 
lin. ft. of piling; 6 million poles, or enough to build 40,000 miles of pole line; 
19 million fence posts, or enough to build 47,500 miles of fence; 492 
million f.b.m. of lumber and timber, and 26 million crossties, or enough to 
lay 8,000 miles of track. 

Another influential development early in the century was the organization 
of the American Wood-Preservers’ Association in 1904. Comprising individ- 


ual members from among users, treaters and manufacturers of chemicals, 
the association has established internationally recognized industry standards 
and specifications and has provided means for the development and inter- 
change of invaluable scientific knowledge. 


Treated Utility Poles Last 35 Years 


The public utilities were not far behind the railways in adopting the use of 
treated poles and timber structures for transmission lines and building power 
plants on creosoted foundation piles. Preservative treatment has extended 
the average service life of poles to 35 years and more. A pole line on 
Staten Island, N.Y., in service for 59 years, still has 208 of the original 243 
pressure creosoted poles in place and these are heavily loaded with telephone 
cable, power lines and highway lighting brackets. Governmental bureaus 
and agencies—notably, highway departments, the Department of Defense, and 
port authorities—also became important customers. The character of these 
institutional, large-volume purchasers had a great influence on the size and 
location of the treating plants. They were built at the most strategic points 
and with large capacity to process the quantities of lumber used by these 
customers, Plants are well located geographically to fit into the normal dis- 
tribution channels of lumber. Some are located at sawmills and are an in- 
tegral part of lumber company establishments. Others are at local trading 


centers and many are at gateways where treating-in-transit privileges are 
allowed in freight rates. 
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Types of Preservatives 


A preservative must be toxic enough to kill fungi and insects, must be 
capable of being forced into the wood to an appreciable depth, and have the 
chemical stability to remain there, because treated wood in many cases is 
required to last for 40 or 50 years, or even longer. 

The standard preservatives approved by the American Wood-Preservers’ 
Association may be divided into three classifications: 

(a) The best known and most widely used is creosote, either alone or in 
mixtures with coal tar or petroleum. These preservatives are used where 
protection against decay, termites, and wood destroying organisms is of 
first importance, and where a slight odor is not objectionable. Creosote is 
extensively used in all types of structures that are subjected to severe decay 
hazards. Material treated with light retentions has been successfully painted 
to increase visibility. In these instances, a prime coat comprising aluminum 
powder in a suitable vehicle usually is used as a sealer. 

Creosote-coal tar solutions are widely used for marine or salt water in- 
stallations because they have been found to be particularly effective against 
marine borers. Creosote-petroleum mixtures are used where economy is 
important. Mixtures of this type have been widely used throughout the West 
for a number of years and have given excellent protection. They are not 
recommended, however, for material submerged in salt water where borers 
may be active. 

(b) Pentachlorophenol is a chemical that is dissolved in petroleum fuel oil, 
or other suitable oils to form carrier solutions for injecting it into the wood. 
It is highly toxic to fungi and insects. When proper solvents are selected, 
the treated wood is clean, odorless, and can be painted after the solvents in 
the treating solution have evaporated. Pentachlorophenol has been widely 
used for all types of installations except for those in salt water. 

(c) Water-borne preservatives are used where cleanliness is desirable 
and where the wood is to be painted after treatment. They are especially 
adopted to interior uses or other building parts where, because of specific 
conditions, the wood is subjected to decay or termites. 

The following water-borne preservatives have been accepted by the AWPA 
and are available from pressure treating plants: 


Acid copper chromate (Celcure*) 

Ammoniacal copper arsenate (Chemonite*) 

Chromated copper arsenate (Erdalith* Greensalt*) 
Chromated zinc arsenate (Boliden Salt*) 

Chromated zinc chloride (CZC) 

Copperized chromated zinc chloride (Copperized CZC) 


Fluoride, chromate, arsenate, phenol mixture (Tanalith 
Wolman Salts*) 


*Registered U.S. Trade Mark. 


Timber Foundation Piles 


Timber foundation piles have been used continuously since the prehistoric 
era. Small tree trunks were set or driven by prehistoric man to support his 
crude dwellings which, for better protection, often were located in shallow 
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water a short distance from shore or in deep marshes. Relics of many of 
these simple foundations are still to be found in the Swiss lakes, where the 
under-water portions of the wood piles are well preserved. Timber piles 
provide practical foundations for heavy structures resting on soils having in- 
sufficient bearing strength and unable to support footings for any but the 
lightest structures. Timber piles have been driven since medieval times to 
support many structures in Venice and in all the cities of Holland. Often the . 
monumental structures in those cities were erected over water or on deep 
beds of soft soils. In these and other localities where the underlying earth 
cannot support spread footings without excessive compression, foundation 
piles often are driven to transfer superimposed loads to stronger underlying - 
strata or to distribute concentrations of weight over wider areas, thus re- 
ducing unit pressures to limits which safely can be entrusted to beds below 
the tips of the piles. 
Untreated timber piles entirely embedded in the earth and cut off below 
ground water table or those submerged in fresh water cannot decay or be 
damaged by insects and will last perpetually if their surrounding conditions 
remain unchanged. The real hazard to untreated foundation piles properly 
installed is an unforeseen lowering of the ground water level and the con- 
sequent exposure of the upper portions of the piles to decay. Untreated wood 
piles are always exposed to decay whenever they project above the water 
level. Conservative engineering practice therefore restricts their use in 
permanent foundations to locations where they will be cut off below the ground 
water level or where their tops, if they do project above the mud line, will be 
in fresh water. In salt water submerged portions at and above the mud line 
are subject to attack by marine borers. 


Why Wood Decays 


All decay of wood is caused by fungi, low forms of plant life that develop 
and grow from spores just as higher plants do from seed. These micro- 
scopic spores abound in open air. Lodging in favorable places on untreated 
timber with which they come in contact, they germinate, sending out hyphae, 
or strands, that spread through the wood. These plant-like growths break 
down the wood substance, converting it into food required by the fungus for 
development. However, like all forms of plant life, the spores of wood- 
destroying fungi must have air, suitable moisture and favorable temperature 
as well as food if they are to develop and grow. Deprived of any one of these 
four essentials, the spores cannot develop and the wood remains sound, re- 
taining its full strength. 

Wood submerged in fresh water cannot decay, because the necessary air 
is excluded; decay also will not progress in wood with a moisture content 
less than 20 per cent of its weight. Advancement of decay is progressively 
checked as temperatures drop below those generally favorable for plant 
growth, and all fungus activity stops as freezing temperatures are approached. 


Progress will resume, however, once favorable climatic conditions are 
restored, 


Effect of Lowered Water Tables 


Unexpected lowering of water table which exposed the heads of untreated 
timber piles and permitted them to decay has necessitated costly underpinning 
in many instances. All of these untreated piles when installed were submerged, 
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but subsequent changes in adjacent drainage systems depressed ground water 
levels so that the heads of the piles protruded above the water line. Decay 
soon set in, causing settlements that threatened disaster. As a consequence 
the foundations were repaired at considerable expense. 

A costly underpinning job of this kind occurred in Boston, where the public 
library, supported by untreated timber piles cut off below ground water level, 
e had stood for many years. Subsequent construction of deep drainages nearby 

lowered the water table to a point well below the tops of the piles. Decay set 
in and the foundations had to be repaired to prevent failure. Similar instances 
have been reported in New York, San Francisco, Milwaukee, and other places 
&§ where unforeseen changes in ground water levels occurred. 
7 National use of underground water is increasing and a broad survey of the 
nation’s water resources conducted by Fortune magazine, and reported in its 
issue of March 1954, declared that in the last 20 years the nation has 
increased its withdrawals of ground water more than 300 per cent, until 
it now obtains about 30 billion gallons daily, or nearly one-fifth of its total 
supply, from wells. The Materials Policy Commission, appointed by 
President Truman, estimated that between 1950 and 1975 the total U.S. 
demand for water may nearly double. More than 85 per cent of the new 
demand is expected to come from industry and from cities. 

After a recent study of water resources in the Minneapolis-St. Paul area, 
the United States Geological Survey found that at South St. Paul ground 
water levels were from 50 to 100 ft. lower than they had been 25 years ago 
when they were near the surface. Similar surveys and reports are available 
for many parts of the country. Because of the drastic lowering of ground 
water levels in many industrial and agricultural areas during recent years, 
foundation engineers are advised to consult those reports carefully, par- 
ticularly if untreated wooden piles are to be considered. If surveys and re- 
ports are not available, the safe course should be taken and no risks run. 


Efficiency Proved by Long Service 


Creosote distilled from coal tar is one of the most toxic wood preservatives 
and it has been used successfully in Europe and North America for more than 
100 years. It is stable and, when injected into wood in a closed cylinder by 
an approved pressure process, it remains effective for long periods of time, 
depending on the degree and type of exposure. When a sound timber pile has 
been treated in this manner, all the spores of wood destroying fungi on the 
surface or in crevices have been completely destroyed and, because spores 
cannot survive in proximity to creosote, the pile is still sterile when driven. 

Freely circulating air causes some evaporation loss of the preservative 
constituents of creosote. When the pile is entirely embedded in the earth, it 
is effectively shielded from air currents, Judging from a great many old 
service records, centuries would elapse before the preservative could be 
depleted to a point where remaining concentrations would no longer be lethal 
to fungi, insects, or other deteriorating agencies. Moreover, creosoted 
timber piles are not affected by alkali or acid wastes from manufacturing 
plants. Alkali in the concentrations found in soils of semi-arid regions and 
relatively weak concentrations of acids usually encountered in ground 
seepages have no deteriorating effect on pressure creosoted wood. 

Creosoted timber piles have been used longer than any other type of so- 
called permanent piling for foundations where the tops of the piles, although 
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cut off below the ground level, extend well above the permanent water table. 

The first recorded use of pressure creosoted timber piles in permanent 

foundations of that nature dates back to about 1890. Profiting by their long 
experience with creosoted ties, trestle piles, and other members of treated 
structural timber, railway engineers began driving pressure creosoted piles 

for footings which were at levels where the supporting piles would not be wet 

at all times. Their use in such structures antedates that of any of the other . 
types of permanent piles. Concrete piles were not introduced until about 

1900 and steel piles some eight years later. 

For the past 60 years the Southern Pacific Railroad has been driving 
creosoted timber piles successfully to support the footings of buildings, - 
bridges, and various other structures that were designed to last indefinitely. 
Today many of the most important buildings on the Southern Pacific Lines 
are supported by creosoted wood foundation piles where the tops are above 
low water level or where subsidence of the water level may so expose the piles 
in the future. The construction of the half-million-dollar Sacramento, Cal., 
passenger station on this type of foundation is a striking example of the con- 
fidence of Southern Pacific engineers in creosoted timber piles for the most 
permanent types of structures. Hundreds of outstanding service records 
ranging up to 60 years have proved their worth in all parts of the country. 

Inspections of foundations with piles driven in the ground, cut off above 
ground water level and encased in masonry, are rare except in instances 
where additions or changes are made to existing structures. An exceptional 
instance occurred in 1931 on the Illinois Central Railroad, where pressure 
creosoted piles have been used for foundations for 60 years. Because these 
piles have proven so economical and so practical for so many of their 
structures, engineering officers decided upon a field inspection to determine 
their condition after many years of service. The published results of that 
inspection declared that in no instance was there the slightest indication of 
change in the preservative condition of the treated wood since the time of 
installation. 

The proposed extension of the deck structure on a long intercity viaduct 
at Kansas City, Mo., in 1936 led to a careful examination of creosoted founda- 
tion piles which had been driven under 276 pedestals of the pier footings 31 
years before and cut off 5 ft. or more above the water table. All were re- 
ported in good condition with no evidence of deterioration. Consequently the 
use of the original footings was approved by the engineers for the revamping 
project. 

Fifty-three years ago, in 1905, the Atchison, Topeka & Santa Fe Railway 
built the first unit of a large grain elevator near Kansas City on 2,078 
creosoted timber piles. Although the piles were cut off beneath the surface 
of the ground, they ranged to as much as 20 ft. above the fluctuating ground 
water level. Additions were built in 1913, 1915, 1925, and 1931. It is sig- 
nificant that pressure creosoted timber piles were used on each occasion 
until a total of 23,142 were driven to support the structure, which has a 
capacity of 10 1/2 million bushels of grain. 


Greater Loads Are Warranted 


Pile foundations are driven where underlying soils have insufficient bearing 
strength to carry the superimposed loads satisfactorily on spread footings. 
In some cases the piles transfer the load to some deep, stronger load-bearing 
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stratum; in other instances the piles merely distribute their burden through 
considerable depths of surrounding earth by friction, thereby spreading their 
load sufficiently to preclude excessive concentrations on some substratum. 
The ability of the soil to support the load transmitted to it by the piles is the 
factor that determines the adequacy of the foundation, because piles cannot 
increase the carrying capacity of the underlying earth. They are, however, a 
means of developing capacities of the subsoils and employing them effectively. 

Failure to recognize this simple fact in many cases has resulted in the 
approval of greater loads for concrete piles than for those of wood. That 
there can be no logical justification for such inequalities in capacity at the 
same site when the piles are of equal size and are driven to the same re- 
sistance by equivalent hammer energies is evident when it is remembered 
that the permissible unit compressive stress for wood exceeds that of the 
concrete, particularly for the quality of concrete usually obtained in cast-in- 
place concrete piles. Actually the permissible working stress for either 
material is not fully utilized, because pile capacities that can be developed in 
the soil are seldom of sufficient magnitude to impose any great strain on the 
pile material itself. 

In pile driving practice today bearing capacities of 30 and even 40 tons are 
developed on wood piles, the same as for any other pile of similar periphery 
and length. A remarkable series of studies was made on the bearing 
capacities of friction piles by the Whang-poo Conservancy Board, Shanghai, 
China, where structures must be founded on unstable soil extending to a depth 
of several hundred feet. The results of these studies proved that: 


(1) The failure of piles is due to the shearing 
strength of the soil being exceeded. 

(2) Wooden piles and piles of reinforced concrete 
of similar shape have the same bearing power per unit area 
of submerged part. 

(3) Round tapered piles have higher bearing power than 
straight piles of square section. 


In connection with its loess soils research, the United States Bureau of 
Reclamation at Ashton Dam in Nebraska during 1950 conducted a series of 
pile driving and loading tests. The purpose of this project was to study the 
differences in behavior and capacity of loess soil of varying densities when 
dry and when saturated with water. 

“As a part of the test on dry loess formations,” the Bureau of Reclamation 
reported, “Class A wood piles and concrete piles of approximately the same 
size and lengths were placed in dry loess by three different methods: (a) 
driving only, (b) driving in pre-bored holes, and (c) driving in jetted holes. 
Similar piles were driven in wet loess. All piles were then loaded to failure. 
It is significant that, despite the wide variations in methods employed in the 
driving of these displacement piles of different materials, that similar sup- 
porting values were shown under identical conditions.” 

Design loads of 25 and 30 tons for timber piles are common, and loads of 40 
tons have been specified in many instances where soil conditions warrant. 
Among the important structures in this category is the Julien Dubuque Bridge 
across the Mississippi River at Dubuque, Iowa, where long timber piles 
were driven to support some of the river piers. In fact, piles at this location 
were test loaded to 80 tons. 

Bridges across the Seine at Paris and the Thames at London have timber 
piles that were designed for loads ranging from 60 to 100 tons. 
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To anyone familiar with Chicago’s old Post Office, it is a well-known fact 
that the timber piles in its foundations have for more than 50 years safely and 
adequately carried their loads without settlement. The design load of 30 tons 
per pile for this structure was based on precedent established by practice of 
the best engineers of Europe and the United States; a practice that has been 
applied to thousands of important structures throughout the world. Hence, it 
is evident that present engineering practice, which prescribes much lower 
permissible loads for wood piles of standard size and quality than loads 
advocated for other types of piles, is without basis of fact and is not warranted 
by any recent developments. To the contrary, there is every reason to believe 
that with better methods now used in the selection and driving of timber piles 
still greater dependence can be placed on their service. 

Railway engineers led the way in 1890 when they initiated the practice of 
driving pressure creosoted timber piles in permanent foundations where the 
piles extended many feet above the ground water level. As engineers in 
other fields became acquainted with this use of treated piles for structures 
with very long life expectancy, the practice was adopted generally throughout 
the construction industry. 

Following a comprehensive investigation of the value of pressure creosoted 
piles for permanent foundations by the United States Treasury Department 
during the early 1930’s hundreds of monumental buildings such as post 
offices, customhouses, and immigration stations were founded on creosoted 
timber piles where pile cut-offs, although below the ground surface, extended 
well above the ground water level. 

Pressure creosoted piles are accepted by all major building codes for 
foundations of the most durable types of buildings and other structures. These 
codes include the American Standard Building Code of the ASCE; the Basic 
Building Code of the Building Officials Conference of America, Inc.; the 
National Board of Fire Underwriters; and the Uniform Building Code of the 
International Conference of Building Officials. 

During the last 20 years, specific provisions covering the use of pressure 
creosoted piles in all types of foundations have been incorporated in the 
principal regional and municipal building codes. These provisions require 
pressure creosoting in conformity with standards of the AWPA. Codes of 
practically all the principal larger cities include provisions conforming to 
one or another of these requirements, and the wording conforms with the 
basic code followed in that particular locality. 


The Economy of Good Design 


The important economic aspects of the evaluation of soil investigations 
and loading tests were demonstrated recently at the Freeport, Texas, plants 
of The Dow Chemical Co. During the loading test one pressure treated 
timber pile was loaded to 96 tons before it failed under sustained loads. 
When the load on the second pile had reached 80 tons, it was necessary to 
stop the test because of the failure of one of the anchor shafts. The total 
settlement of the pile under the load of 80 tons was 0.75 in. Asa result of 
these tests Dow engineers decided on a design load of 40 tons per pile. As 
a result the total number of piles in the new foundation was reduced to one- 
third the number that previously had been thought necessary by reason of 
design loads that were restricted to a range of 12 1/2 to 15 tons. The max- 
imum settlement predicted under full design load is 0.25 in. Southern pine 
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piles 35 ft. long and pressure treated with pentachlorophenol were driven for 
the foundations of the plant addition. 

The recent expansion program for New York City’s International Airport 
serves to illustrate the advantages of investigating soil conditions at con- 
struction sites. During the preliminary stages of constructing the 
International Arrivals Building and two adjacent Airline Wing Buildings, soil 
investigations indicated that timber piles would be acceptable. The lowest of 
ten bids for those foundations was based on 6,400 creosoted timber piles and 


was $245,538 less than the lowest of four bids for concrete-filled steel shells. 


As Idlewild’s new development progressed, thousands of additional 
creosoted timber foundation piles were driven. 


The value of adopting a scientific method of estimating the length required 


for foundation piles from an analysis of soil boring tests was ably presented, 
a few weeks ago, by A. M. Hensing, assistant construction engineer of the 
Iowa State Highway Commission, in a paper at the Eighth Annual Soil 
Mechanics & Foundation Engineering Conference held at the University of 
Kansas. As the result of a series of pile loading tests started in 1950, sub- 
sequent studies, tests and developments, the Iowa Highway Dept. has 
established a practical procedure that enables engineers to select the most 
efficient kind and length of pile for various projects. 

Wood, concrete and steel shell piles were included in the Iowa load tests. 
Definite values have been established for various types of soil and in cases 
where calculations show that the design pile may have the required bearing, 
load tests are undertaken. If, however, the calculations do not come up to 
expectations, longer piles are specified. 

After pointing out that the cut-off portions of steel piles involve a sub- 
stantial monetary loss and that those of wood and precast concrete are 
practically worthless, Hensing cites the interesting results of load tests to 
which wood and poured-in-place piles were subjected at Council Bluffs. 
Soundings indicated fine sand to a depth of more than 50 ft. and conditions 
suitable for driving timber piles. Alternate footing designs for wood and 
poured-in-place concrete piles indicated a saving of approximately 
$30,000 in favor of timber piles on a job that required 35,000 lin. ft. of piles. 

With upward spiraling construction costs as exemplified by the reported 
increase of 37 per cent in the cost of interstate highway projects over 
original estimates, more and more engineers are taking a closer look at 
competitive materials, Sixty-eight years of successful service qualify 
pressure creosoted timber piles for permanent foundations. Many load tests 
have confirmed their ability successfully to carry loads of 30 to 40 tons, the 
same as for other piles of the same size and driven to the same resistance, 
where soil conditions permit. Because of their immunity to decay and 
termites, because they will not corrode and are unaffected by industrial 
wastes and alkaline soils, treated piles eliminate costly foundation failures. 
More than 240 pressure treating plants strategically located throughout the 
U.S. A. and Canada assure general availability and good delivery. 


A New Concept for Industrial Buildings 


Among the latest and most efficient general innovations in the industrial 
field is the adaptation of the low-cost pole type building that during the last 
15 years has revolutionized the building of farm structures throughout most 
of the country. Employing pressure preserved round timber poles for 
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foundation, columns and supporting frame members, this design has the in- 
herent advantages of low cost, ease of erection and adaptability to many dif- 
ferent purposes. 

Pole type buildings for farm structures or other buildings of moderate 
size, built with owner labor, have been erected at a cost of less than $1.00 
per sq. ft. of enclosed floor area. Contract jobs may run between 90¢ and 
$1.40 per sq. ft. Industrial buildings and warehouses requiring heavy 
concrete slab floors have been built under contract for prices ranging up to 
$1.50 and $2.00 per sq. ft. of floor space, depending on requirements. 

Building superstructures of this type are light. Floor loads are supported 
independently by the ground and not by the building frame; therefore elaborate, 
expensive foundations are not required. The bases of the poles, serving as 
columns, are set to moderate depths in average soils and support these 
buildings safely even in regions where provision must be made for strong 
winds or heavy snow. Erection is simplified because the lapping of com- 
mercial lengths of lumber obviates the necessity for any but the simplest 
cuts in members of the walls or roof. Unobstructed floor areas may be 
readily provided by the use of simple roof trusses to provide the required 
span. 

Round timbers have two distinct advantages of strength. A timber of 
circular cross section is approximately 18 per cent stronger in bending than 
a rectangular section of the same area, same species and same grade, A 
round timber pole or pile, in most cases, retains a very high proportion of 
the basic strength of its species because knots have only one-half the effect 
on the strength of natural round sections that they have on the strength of 
sawn members. Strength of round timbers in bending and compression 
parallel to the grain is reduced very little by knots where limbs have not 
been trimmed so closely that excessive cross grain is exposed. 

A thorough test of the sturdiness of treated pole frame buildings occurred 
in 1954 when Hurricane Hazel hit the East Coast. A comprehensive survey 
by the Agricultural Engineering Department, University of Maryland, of the 
hurricane’s damage to farm buildings reported no evidence of damage to 
good pole construction. The most outstanding example of stability during this 
storm was the pole type Baltimore Livestock Auction Market with an area of 
nearly three acres under roof. This structure withstood the hurricane’s 
100-mile-per-hour winds without damage, although many farm buildings of 
ordinary construction were demolished. 

The economic advantages of pressure treated timber piles for foundations 
and poles for industrial buildings exemplify only two of the many wood 
products which, through modern preservative treatments, have been con- 
verted into time-tested materials designed for permanent construction, 
Today the engineer and builder have at their command an array of preserv- 
atives and treating processes that through years of development have been 
refined to provide the type of treatment desired for many different structural 
applications. Modern methods of artifical seasoning have reduced this 
phase of processing from a matter of months to hours. This together with 
the national network of more than 240 pressure treating plants provides 
ready availability for practically all structural purposes. 
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DESIGN OF PIER BENT AND RIGID FRAME BY A COMPUTER 


Charles P. C. Tung,! A. M. ASCE 
(Proc. Paper 1854) 


SYNOPSIS 


This paper discusses the basic approach and procedure of using moment 
distribution in the design analysis of a pier bent or rigid frame by electronic 
computation. Individual effects of standard loadings can be automatically com- 
bined to give the maximum design values. Sample solutions from the com- 
pleted program, coded for the LGP-30, are illustrated. The potentialities of 


solving similar structural problems employing the same general principle 
are explored. 


INTRODUCTION 


In the design of an ordinary highway deck-stringer bridge, the analysis of 
the pier bent is always the most lengthy and complex part. It may take an 
7 experienced designer several days to make a theoretically correct design 
ud analysis. While such an analysis requires considerable structural knowledge 
on the part of the designer, it can still be performed following a systematic 
routine procedure when the loading or combination of loadings to the pier bent 
follows a standard specification, e.g., AASHO. This standardization of pro- 
cedure immediately makes the design analysis for the pier bent highly adapta- 
ble to automatic computation on an electronic digital computer. 

Having established the suitability of this problem for automatic compu- 
tation, the next step is to find the mathematical statement of the problem and, 
subsequently, the best numerical technique for computer calculation. The im- 
portance of this step, choosing the best method for the design analysis of pier 
bent and rigid frame, cannot be over-emphasized because it is the major 
contributing factor in the success of the final completed program. 


Note: Discussion open until April 1, 1959. To extend the closing date one month, a 
written request must be filed with the Executive Secretary, ASCE. Paper 1854 is 
part of the copyrighted Journal of the Structural Division, Proceedings of the 
American Society of Civil Engineers, Vol. 84, No. ST 7, November, 1958. 


1. Supervising Engr., King & Gavaris, New York, N. Y. 
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It is generally true for any problem that the best method for manual compu- fee 
tation is also the best method for automatic computation. The reason is quite z 
simple. Automatic computation requires initial programming of the problem, Rig 
and the initial programming is nothing but a form of manual computation in iy 
great detail. Adopting the best method for manual computation will make the 
programming of the particular problem considerably easier. In present-day 
design offices the method of moment distribution by Hardy Cross is used most 
widely and, hence, should be the best method for the design analysis of the & 
pier bent and rigid frame. Following the above line of reasoning, the method a 
of moment distribution is, therefore, adopted here for the solution by 
electronic computation. 

Many steps in the overall design analysis of pier bent and rigid frame by 
moment distribution can be grouped into basic operations, and written as sub- 
routines in the program such as moment distribution of all fixed-end moments, "4 
computation of unbalanced sidesway force on the frame, etc, This grouping = 
of basic operations results in considerable savings in program writing. Sub- 
routines performing specific operations constitute the “building blocks” which 
are incorporated together to form the integral program. 

Moment distribution technique takes full advantage of automatic compu- es 
tation—namely, the ease of making repetitious computations to achieve the de- v 
sired accuracy. Thus fifty cycles of moment distribution can be performed 
just as easily as one cycle of moment distribution. The additional time of a 
few seconds spent by the computer for more cycles of distribution will never 
be of any concern to the designer. 

This problem has been coded by the writer’s firm for the LGP-30, which ‘ 
has a magnetic drum memory of 4096 words. However, any computer in the i 
medium or large scale class will suffice for this problem. Since there are po 
wide differences in coding techniques among different computers, the dis- 
cussions in this paper will not include the actual coding of the problem but will J 
be devoted to all the steps prior to the detailed coding for the computer. 4 

The principles of the moment distribution method in the design analysis of 
pier bent and rigid frame can be found in any standard structural engineering 
textbooks and, hence, will not be treated here. Only the adaptations to auto- 
matic computation of the various steps of the moment distribution method will 
be expounded and illustrated. 


In the ensuing discussions, the following definitions are used: 


Pier Bent A multiple span frame with horizontal beams of ie 
constant moment of inertia and vertical columns 
of constant moment of inertia. 

Rigid Frame A multiple span frame with horizontal beams and 
vertical columns of variable moments of inertia. 


The column bases in both pier bent and rigid frame can be either hinged or 
fix-ended. 


Explanation of Steps in Flow Diagram 


After the method for electronic computation has been determined, the flow 
diagram is then constructed. Explanations of the various steps in the flow 
diagram for the pier bent and rigid frame (Fig. 1) are given below. The actu- 
al mathematical expressions and formulas are not included in the explanation 
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Reading Frame Dimensions and Loading Data 


I. Frame Dimensions: 


Number of spans in pier bent 
Width and depth of beam 
Width and depth (when rectangular) or diameter 


2. 
3. 


4. 


Computation of Relative-Stiffness and Carry-Over Factors of Joints 


From the above relationships the exact numbers of joint moments, column 
reactions, and 10th beam point moments and shears required in any problem 
can be determined when the number of spans, n, is given. Carrying it a step 
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since they can be found in standard treatises on moment distribution. Although 
the steps are applicable to both the pier bent and the rigid frame, the follow- 


ing discussions will be devoted to the pier bent. Application to the rigid frame 
will be treated later in this paper. 


The input data of the problem is read and stored in the computer first. The 
input data can be divided into two general groups: 


(when circular) of column 


Span lengths 
Column heights 


Il. Loading Data: 


Overhang moments and overhang shears 
Weight of column per 1 in. ft. 


Loading or combination of loadings considered in each design analysis: 


Vertical uniform loads 
Intensities of vertical uniform loads in all spans 
Vertical concentrated loads 


Magnitudes and locations of all vertical concentrated loads 
Lateral load at beam level 

Magnitude of lateral load 

Temperature and shrinkage effects of beams 

Total coefficient of expansion or contraction 


Fig. 2 indicates the sign conventions used in entering the input data and 
interpreting the final results. A joint here is defined as the end of a member. 
The sign convention of joint moments is used only in connection with moment 
distribution operations. Hence the overhang moments are entered as joint 


The arithmetic involved in the computation of relative-stiffness and carry- 
over factors of joints in frame members with constant moment of inertia is 
quite simple and straight-forward. In agreement with the sign convention of 
joint moments, the carry-over factor of + 1/2 is used. 

Fig. 3 shows a typical pier bent. It can be seen that the portion enclosed 
by the dotted lines is the repeating element of the bent. If for any pier bent: 


n = Number of Spans, 

then, n + 1 = Number of Columns, 
4(n + 1) = Number of Joints, and 
1ln = Number of 10th Beam Points. 
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FRAME DESIGN 


Joint Moments: } {- —} -{- 
pr 
Beam Moments: + 


Vertical Reactions 
and Beam Shears. 
Horizontal Reactions 


and Loads: 


Vertical Loads: 


Temperature and Expansion + Contraction — 
Shrinkage Effects: 


Fig. 2. Sign Conventions 


Span No. 


Joint AB 
Notation 


Fig. 3. Typical Pier Bent 
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further, the exact numbers of relative-stiffness and carry-over factors of the 
joints as governed by the numbers of beams and columns can be computed. 
This program can be set up to solve a pier bent of any number of spans, the 
only limitation being the memory capacity of the computer. Since pier bents 
of five or more spans rarely occur in actual design practice, the completed 
program referred to previously has been written to solve pier bents of any 
number of spans up to a maximum of four. 


Computation of Distribution Factors of Joints 


At all junctions where the beams meet the columns, the distribution factors 
of the joints are computed as fractions proportional to the joints’ relative- 
stiffness factors. Following the usual method of computation, the summation 
of all distribution factors at a junction is equal to unity. 


Computation of F.E.M.’s for Sidesway Pattern 


Fixed-end moments at top and bottom of column are assumed for the first 
column. From this assumed value the fixed-end moments at top and bottom 
for other columns are computed as directly proportional to their respective 


relative stiffness factors and inversely proportional to their respective column 
heights. 


Moment Distribution 


From Fig. 1 it can be seen that the moment distribution procedure is used 
twice—namely, for the fixed-end moments of the sidesway pattern and for the 
fixed-end moments from the loadings. In order to save work in programming, 
it is written as a subroutine. This will permit the same amount of compu- 
tation to be performed in these two steps with different initial given conditions. 
The results thus obtained in each step can be processed further as required. 

There are two main problems encountered in adapting moment distribution 
to automatic computation. First, the procedure of moment distribution, when 
written as one cycle of distribution and carry-over in the program, must be 
made to perform any number of cycles in order to achieve the desired accu- 
racy for the final answers. Second, a method of accounting must be devised to 
keep record of the numerous intermediate values of moments during the 
process of successive distributions and carry-overs. Fig. 4 and 5 illustrate 
the general principle of solving these two problems. 

Let each joint in the pier bent be assigned three locations—location “a” for 
summation moments, location “b” for moment to be distributed, and location 
“c” for distributed moment. Fig. 4 shows the flow diagram of moment distri- 
bution subroutine. Before entering the subroutine, the required initial con- 
ditions are: (1) There must be all zeros in locations “a” for summation 
moments for all joints and (2) The moments to be distributed for all joints 
must be stored in their respective locations “b”. Upon entry into the sub- 
routine, the following steps are executed in sequence: 


Step 1. Add “b” to “a”—Moments to be distributed in location “b” are 
added to their respective summation moments in locations “a”. 

Step 2. Distribute “b” to “c”—Algebraic sums of moments to be distribut- 
ed in locations “b” at junctions of beams and columns are dis- 
tributed according to their respective distribution factors previous- 
ly computed, and the distributed moments are stored in their 
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Locations “a” Locations Locations 
Summation | Moments to be | Distributed 
Moments Distributed Moments 


Entry 


Step |. Add 


Step 2. Distribute to 


r 


Step 4. ‘Test’ for 


Step 5 Carry Over to 


Fig. 4. Flow Diagram of Moment Distribution Subroutine 
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respective locations “c”. At joints where there is no distribution, 

zeros are stored in their respective locations “c”. 
Step 3. Add “c” to “a”—Distributed moments in location “c” are added to 

their respective summation moments in locations “a”. 
Step 4. Test “c” for Magnitude—All distributed moments in locations “c” 
are tested and compared against a certain criterion for magni- 
tude. The criterion used in the program mentioned here is 0.5 ft. - 
kip. The accuracy required for all moments in most practical de- 
signs is to the nearest ft.-kip. Hence, when all values of distribut- 
ed moments in locations “c” are less than 0.5 ft.-kip, it can be 
safely assumed that further distributions will not effect the re- 
quired accuracy to the nearest ft.-kip for the final moments, and 
the program can proceed to the exit of the moment distribution 
subroutine. It can be seen that by choosing the proper criterion, 
the final moments can be made to reach any desired degree of 
accuracy. When any of the distributed moments in locations *c” 
is greater than the criterion, it indicates that further distributions 
are required, and the program will proceed to Step 5. 
Carry Over “c” to “b”—Distributed moments in locations “c” are 
carried over to the joints at the opposite ends of the members ac- 
cording to the carry-over factors previously computed. The 
carry-over moments are stored in the proper locations “c” and 
become the moments to be distributed for the next cycle. 


Step 5. 


After Step 5, the program proceeds to Step 1 again. The program will per- 
form as many cycles of distributions and carry-overs as are required to reach 
the desired accuracy for the final answers. Only upon achieving this will the 
program exit from the subroutine at Step 4. 

Fig. 5 shows a comparison of methdds of accounting for joint moments in 
moment distribution between manual computation and automatic computation. 
Fig. 5(a) illustrates a typical partial account of joint moments at Joint 1B and 
1C of a pier bent in manual computation. The resulting joint moments after 
two cycles of distribution and one cycle of carry-over are summed up and 
shown in circles. Fig. 5(b) tabulates an account of joint moments at Joint 1B 
in locations “a”, “b”, and “c” after each step in the flow diagram of moment 
distribution subroutine (Fig. 4). The resulting joint moment at Joint 1B after 
two cycles of distribution and one cycle of carry-over is also shown in circles 
and is seen to be the same as in (a). The important feature in (b) is that the 
joint moments are continually being modified as the successive steps are exe- 
cuted. Although the numerous intermediate values of moments are essential 
in arriving at the final answers, yet as soon as they have been incorporated 
into the final answers, they need not be kept as records. This fact alone ef- 
fects tremendous saving in storage space in the computer and renders the 
moment distribution procedure both feasible and efficient. Upon exit from the 


moment distribution subroutine, the final joint moments are immediately avail- 
able in locations “a”. 


Computation of Sidesway Force for Sidesway Pattern, Computation of Un- 
balanced Sidesway Force of Moments after Distribution, and Computation of 
Final Sidesway Force and Horizontal Column Base Reactions 


All three steps involve the same basic procedure of computation. This is 
written as a subroutine in the program. The horizontal shearing force of a 
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column is computed as the algebraic sum of joint moments at top and bottom 
of the column divided by its height. The summation of all horizontal shearing 
forces of columns should balance the external sidesway force on the pier bent. 


Storage of Moments and Sidesway Force for Sidesway Pattern 


Moments and sidesway force computed for the assumed sidesway pattern 
are stored. Later in the program these values will be used for the compu- 


tation of correction moments in balancing the final net sidesway force on the 
pier bent. 


Computation of Simple-Beam Moments and Shears at All 10th Beam Points 
Due to Loading or Combination of Loadings 


The loadings considered in each problem are interpreted and analyzed one 
at a time within each span. Computations of simple-beam moments and shears 
at all 10th beam points for vertical uniform loads and concentrated loads are 
straightforward. For the program previously mentioned, a maximum of ten 
vertical concentrated loads can be entered within each span for any problem. 
This will permit triangular loads, partial uniform loads or other irregular 
loads to be approximated by equivalent concentrated loads, thus achieving 
more accurate results. Lateral load at beam level and temperature and 
shrinkage effects of beams do not effect the values of simple-beam moments 
and shears. Lateral load at beam level is stored only for reference in final 
balancing of net sidesway force on the pier bent. Temperature and shrinkage 
effects of beams are not considered in this step. This step gives the total 


simple-beam moments and shears at all 10th beam points due to all loadings 
considered in each problem. 


Computation of Column Dead Loads 


From the weight of column per 1 in. ft. given in the input data, the column 
dead loads are computed by multiplying the unit weight by their respective 
column height. For problems where column dead loads are not considered in 
the design analysis, a zero can be entered as the unit weight of column. This 
will eliminate the column dead loads from the design analysis. 


Storage of Overhang Moments 


The moment distribution subroutine includes the effects of overhang 
moments in all cases. Before the program enters the moment distribution 
subroutine the overhang moments are stored in their respective locations “b” 
for moments to be distributed. Overhang moments are given in the input data. 


If there are no overhang moments for the problem, zeros should be entered 
in the input data. 


Computation of F.E.M.’s of All Joints Due to Loadings or Combinations of 
Loadings 


Computation procedure in this step is similar to that explained in compu- 
tation of simple-beam moments and shears at all 10th beam points. Vertical 
uniform and concentrated loads contribute to the F.E.M.’s in beams, while 
temperature and shrinkage effects of beams contribute to the F.E.M.’s in 
columns. Lateral load at beam level is not considered in this step. This step 
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gives the total F.E.M.’s of all joints due to all loadings considered in each us 
problem. 


Computation of Correction Moments from Sidesway- Pattern Moments 


Having computed the unbalanced sidesway force of moments after distri- 


4 bution, the correction sidesway force can be computed from the following re- 
lationship: 


Unbalanced Sidesway Force + Correction Sidesway Force = NetSidesway Force 


a From the correction sidesway force, correction moments are obtained by the 
following direct proportion: 


Correction Moments Correction Sidesway Force 
Moments for Sidesway Pattern Sidesway Force for Sidesway Pattern’ 


Computation of Final Moments from Moments after Distribution and Correction 
Moments 


Final moments of all joints are obtained by merely adding correction 
moments to moments after distribution. 


Computation of Corrected Moments and Shears at All 10th Beam Points from 
Simple-Beam Moments and Shears and Final Moments 


Simple-beam moments and shears at all 10th beam points, which have been 
computed previously, are corrected to agree with the final joint moments ob- 
tained in the preceding step. The correction configuration for moments in 
each span is trapezoidal, and that for shears in each span is rectangular. 
Both configurations are based on the final moments at the ends of the span. 


Computation of Vertical Column Base Reactions from Column Dead Loads, 
Overhang Shears and Beam-End Shears 


Final vertical reaction at any column base is the resultant of the column 
dead load, and the beam-end shears from the adjacent spans. Overhang 
shears, which are given in the input data, contribute only to the vertical re- 
actions at exterior columns of the pier bent. If there are no overhang shears 
for the problem, zeros should be entered in the input data. 


Printing of Tables of Answers 


Two tables are printed as the final answers to each problem. (See Fig. 7): 


Part 1. Table of Joint Moments (ft.-kips) and Column Base Reactions 
(kips). 


- If another problem is to be solved which concerns the same pier bent but 
has a different loading condition, only the loading data needs to be entered. 
After reading the loading data, the program proceeds to analyze for the so- 


lution starting from computation of simple-beam moments and shears at all 
10th beam points. 


Part 2. Table of Beam Moments (ft.-kips) and Beam Shears (kips). 4 
f 
Reading Another Set of Loading Data "i 
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Pier Bent Sample Problem 


For the purpose of illustrating the general principles discussed so far, a 
pier bent sample problem is given in Fig. 6. The frame dimensions of a 
three-span pier bent are shown in Fig. 6(a). Four different loading conditions 

are given in Fig. 6(b). 

As referred to in the introduction of this paper, the program coded by the : 
writer’s firm for the LGP-30, was used to solve the sample problem. Two 
solutions were obtained, in which the combinations of loadings used were in 
accordance with the Standard Specifications for Highway Bridges of the 
American Association of State Highway Officials: 


Group I Dead Load + Live Load + Impact 
Group V Dead Load + Wind Load + Temperature + Shrinkage 


Fig. 7 is the printout of the two solutions. The input data in each solution 
which precedes the tables of answers was prepared in accordance with the 
explanations previously given in “Reading Frame Dimensions and Loading 
Data.” The form of input data, which is applicable only to the particular data 
input subroutine used with the particular computer, is incidental and, hence, 
will not be explained here. In interpreting the results, the sign conventions in 
Fig. 2 should be used. 


The various lengths of time required by the program for the sample 
problem may be of interest: 


Data Preparation (Manual) 20 Min. 
First Solution (Automatic) 14 Min. 
Second Solution (Automatic) 9 Min. 


Total 43 Min. 


The solution time on the computer included reading time, computing time, and 
printing time. The first solution took 5 min. longer than the second due to the 
additional computations of constants and sidesway pattern, as indicated in the 
flow diagram (Fig. 1). The length of the program, including storage space and 
subroutines, was approximately 3000 words. 


Application to Rigid Frame 


The steps outlined thus far for the design analysis of the pier bent can easi- 
ly be adapted to the rigid frame. In the flow diagram in Fig. 1 there are three 
paths, shown as dotted lines, which are applicable to the rigid frame only. 
The function of these dotted paths is merely to bypass those computations 
which are applicable only to the pier bent but not to the rigid frame. Asa re- 
sult of this by-passing, the intermediate answers from these steps in the pier 
bent will have to be entered in the beginning of the program as part of the in- 
put data for the rigid frame. This is done so that the remaining steps in the 
flow diagram can be carried out for the rigid frame in the same manner as for 
the pier bent. In most cases the extra data required for problems in rigid 
frames can be readily found with the aid of charts and tables for members of 
variable section, available in many standard handbooks and textbooks. 

The first dotted path bypasses the computation of relative-stiffness and 
carry-over factors of joints. These factors in the rigid frame are, therefore, 


entered as part of the input data for later use in the moment distribution 
subroutine. 


+3 


ASCE FRAME DESIGN 1854-13 
| 6 _\&Stringers _ 


Bm 3-6"X4-0 | 
ro} 
| 
{Col 3-6' Dia | | 
(a) Frame Dimensions 
Vertical Dead Load Vertical Live Load + Impact 
Weol = 1.44 
Wem =2.10 A 20.0 850 40.0 85.0 40.0 850 200 
| | 
624 862 862 86.2 862 B62 624 Stringer Reactions (in kips) 
Stringer Reactions (in kips) 
Wind Load at Beam Level Temperature and Shrinkage 
Effects of Beam 
Net Force = 366%—= Total Coefficient of Contraction 


=-0.00038 
(b) Loading Data 


Fig. 6. Pier Bent Sample Problem 
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Pier Bent Sample Problem ( Loadings according to A.A.S.H.O. Specifications ) 


Group I Dead Load + Live Load + Impact ie 


0+290 300 3 * -0000000 ' 14040304 ' 35 $5 -0000000 '04070310'17'18'17 '-0000000' 4 
04070315 '24'26 '28'25 '-0000000 '04+140320 '0 '0 '0 * -0000000 24070 324 1 444 * -0000000 

24070330 '210'210'210' -0000000 '0+290 340 '1 '2'0 '-0000000 ' 14100400 '824'1712'-0000000' 
14100410 '1262'1712'1262' -0000000 ' 14100420 '1712 "824 -0000000 ' 14070500 "5 '90 '-0000000 
14070510 "5 '90'175 ' -0000000 '1+070520 '80 "165 *-0000000 '0+290460 '2"3'2"-0000000' 


Part 1 Table of Joint Moments (ft.-kips) ani Column Base Reactions (kips) 


Colum Joint Moments Col. Base Reactions ie 
No. Joint A Joint B Joint C Joint D Vert. Horiz. 
1 0000 0100 -0100 -0049 186.4 006 .2 
2 =0552 0534 0018 0010 405 .5 +001. 
3 +0536 0551 -0015 -0007 408 .6 000.8 
4 -0099 0000 0099 0050 187.8 -006 .0 
Total 000.0 
Part 2 ‘Table of Beam Moments (ft.-kips) and Beam Shears (kips) * 
Tenth Span No. 1 Span No. 2 Span No. 3 
Point Moment Shear Moment Shear Moment. Shear 
fe) -0100 151.8 280.6 -0551 137.5 
1 0056 065.9 -0266 100.6 -0320 133.9 
2 0165 062.3 -0108 096.8 -0096 130.3 
0268 058.7 0063 093.0 0123 126.8 ‘3 
4 0365 055.2 0227 089.3 0335 123.2 ‘ 
5 051.6 0364 085.5 04156 -051.6 
6 0335 -123.2 0226 0366 -055.1 
7 0122 -126.7 0062 -093.3 0269 -058.7 
8 -0096 -130.3 -0110 -097.1 0166 -062.3 
9 -0321 133.9 -0288 -100.8 0057 065.8 
10 ~0552 “137.5 ~0536 -230.8 -0099 -151.8 | 


Fig. 7. Printout of Pier Bent Sample Problem 
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Group V 


Dead Load + Wind load + Temperture + Shrinkage 


14100334 * 366 ' -0000000 '5- 100335 '-00000 38 ' «0000000 '0+290 340 
14100400 '624 '862 ' -0000000 ' 14100410 '862 «0000000 ' 14100420 " Bo2 "624 '-0000000 


Table of Joint Moments (ft.-kips) and Column Base Reactions (kips) 


Joint Moments 
Joint B Joint C 


Col. Base Reactions 


Joint A Vert. Horiz. 


Joint D 


-0294 0294 


0372 


107.0 027.7 


0283 0214 0210 293.7 -016.5 


0351 -0001 0008 282.4 -000.3 


0000 “0072 -0121 150.1 007.7 


-0%.6 


Table of Beam Moments (ft.-kips) and Beam Shears (kips) 


1 
Shear 


Span No. 
Moment 


Span No. 2 Span No. 3 


Moment Shear 


0294 072.5 -0283 -0351 090.2 


0339 006.5 


-0139 054.5 -0200 086 .6 


002.9 050.7 -0050 083.1 


-000 .6 0044 079.5 


0545 -004.2 0125 043.2 214 075.9 


0335 


-007 .8 0199 039.4 0297 -013.9 


0215 -097.5 Oll2 -050.6 0270 -017.4 


-101.1 0017 


-104,7 -0084 
-108.2 


-111.8 


“J 
4 
ASCE 
Pert 
Column 
No. 
3 ~0350 
core 7 
Total 
Pert 2 q 
Point Moment Shear 
2 
3 
6 
7 054.4 0238 021.0 
8 -0129 -058.2 0199 -024.6 
9 ~0310 ~061.9 015i ~028,1 
a 10 -0350 2151.9 0072 -094.1 
| 
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Similarly, the second dotted path bypasses the computation of F.E.M.’s for 
sidesway pattern. These F.E.M.’s for all columns in the rigid frame, entered 
as part of the input data, should be consistent with a common lateral deflection 
of the rigid frame. 

The third dotted path bypasses three steps. Thus, the column dead loads 
and the F.E.M.’s of all joints, including overhang moments, due to loading or 
combination of loadings in rigid frame are again obtained beforehand with the 
aid of charts and tables for members of variable section, and entered as input 
data in the beginning of the program. 

It should be pointed out here that the program, coded by the writer’s firm, 
was primarily written for the design analysis of pier bent. Nevertheless, 
considerable usage can be derived from the program for problems in rigid 
frame, even with the additional amount of input data. If the extent of work in 
preparing the extra input data for the rigid frame should warrant its adaptation 
to automatic computation, the program can be extended to cover this phase of 
computation. In this case, the dotted paths in the flow diagram in Fig. 1 will 
branch out into equivalent steps for the rigid frame and return to the main 
sequence of operation after achieving the same intermediate answers as in the 
case of the pier bent. 

This phase of work is presently being undertaken by the writer’s firm. The 
numerical procedure by N. M. Newmark2 has proven to be one of the best- 
suited methods for automatic computation of constants and F.E.M.’s for 
members of variable sections. Upon completion of this extension, the design 


analysis for a rigid frame will be accomplished just as readily as that for a 
pier bent. 


Extension to Other Structural Problems 


When the column heights in a pier bent or a rigid frame are reduced to 
zero, the characteristics of the frame are eliminated and the problem be- 
comes the design analysis of a continuous beam of constant or variable 
moment of inertia. It can be seen that the design analysis of a continuous 
beam involves fewer steps than that of a pier bent or a rigid frame. By omit- 
ting those steps which deal with the frame action in Fig. 1, a flow diagram for 
the design analysis of the continuous beam can be easily constructed. In fact, 
the existing program for the design analysis of the pier bent and rigid frame, 
coded by the writer’s firm, when incorporated with the proper modifications, 
can be made to perform the design analysis of the continuous beam. As in the 
case of the rigid frame, calculations of constants and F.E.M.’s for beams of 
variable section are being extended for automatic computation. 

The construction of influence lines is another valuable application for the 
design analysis programs. By proper arrangement of the sequence of so- 
lutions for the loading due to a unit load at various locations, influence lines 
for all functions at all sections can be readily obtained. 

The design analyses of the pier bent and rigid frame and of the continuous 
beam of constant and variable moment of inertia are only two examples be- 
longing to a general class of structural problems which can be effectively 


2. “Numerical Procedure for Computing Deflections, Moments and Buckling 


Loads,” by N. M. Newmark, Transactions, ASCE, Vol. 108, 1943, pp. 1161- 
1234. 
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solved by moment distribution, A few other important problems in structural 
engineering are as follows: 


1. Wind-stress analysis in multi-story building frames; 
2. Design analysis of Vierendeel trusses; 
3. Secondary-stress analysis in trusses; etc. 


The solution of all these problems by electronic computation will depend en- 
tirely upon the imagination and ingenuity of the engineer, who must be, by pre- 
requisite, a mathematician and programmer at the same time. 


CONCLUSIONS 


In the writer’s opinion, two points can be summarized from the foregoing 
discussions: 


1. Using the method of moment distribution, the design analysis of the pier 
bent and rigid frame can be effectively and advantageously solved by 
electronic computation, 

Employing the method of moment distribution as the basic tool, a great 
number of other structural problems can be adapted for electronic 
computation. 
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PIN-ENDED GABLED FRAMES® 


Closure by James Chinn 


JAMES CHINN, ! J.M. ASCE.—The writer is indebted to Messrs. Gerstle, 
Coleman, and Fok for their discussions of this paper. 

Two years elapsed between the time the method was discovered and the 
time it was submitted for publication because its limited applicability was 
apparent. It was realized that what advantage this method might have over 


other methods was mainly in the analysis of the pin-ended, single-span frame. 


The writer thought, however, that some design offices might encounter this 

problem often enough to make it worth their while to learn and use this 

method. It was also felt that some designers might desire to use this method 

for the two-span frame since it involves no more work than existing methods. 
It has always seemed to the writer that moment distribution and slope- 


deflection were improper methods of solution for the singly redundant, single- 


span, pin-ended gabled frame since they involved, respectively, two and five 
unknowns. A better solution seemed to be one which used the information 


already available for moment distribution and slope deflection, yet considered 


the structure only singly redundant. 

Mr. Gerstle’s presentation of Jameyson’s method is a very welcome and 
valuable addition to the literature. His method is a more general and more 
versatile method than the writer’s but is slightly more complicated for the 
gabled frame since it involves calculating not only more angle changes but 
also the location of points where they occur. 

Mr. Fok’s solution of the fixed-ended frame is appreciated by the writer 
and affords an opportunity to expand the method a bit further. Using the 
redundants chosen by Mr. Fok involves three simultaneous equations, one 
more than the solution by moment distribution. If the redundants are chosen 
as the horizontal and vertical reactions and the moment at the elastic center, 
only two simultaneous equations and a third equation containing only one un- 
known are involved. If the redundants are chosen as the reactions in the 
directions of the principle axes and the moment at the elastic center, three 
equations, each containing only one unknown are involved. 

The elastic center is the centroid of the analogous column, i.e., the cen- 
troid of the figure having the same lengths as the actual members but widths 


equal to a of the members. This can be calculated if the areas and cen- 


troids of the analogous column members are known. 


These areas and centroids may be found using the equations derived in 
figure 2. 


a. Proc. Paper 1353, September, 1957, by James Chinn. 
1. Assoc. Prof. of Civ. Eng., Univ. of Colorado, Boulder, Colo. 
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PROPERTIES OF ANALOGOUS COLUMN 
OBTAINED FROM MOMENT DISTRIBUTION CONSTANTS 


Analogous Colum 
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An example symmetrical frame made up of members DA and AC of ex- 
ample 1 illustrates the solution using the elastic center. 

It should be noted that the elastic center may also be found by applying a 
pure moment at the free end of the centilever structure and solving for the 
point which does not deflect. It should also be noted that this structure can 
be solved by column analogy using the formulas derived in figure 2 to deter- 
mine the properties of the analogous column and the angle changes due to ap- 
plied load as loads on the analogous columns. 

The reader’s attention is called to a recent publication, “Moment Distribu- 
tion factors for Beams of Tapered I-Section,” by James M. Gere, A.M., ASCE, 
available from the American Institute of Steel Construction, Inc. The charts 
contained therein, used with the method of this paper, can considerably 
shorten the work involved in the analysis of steel frames. 
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EXAMPLE 3 = FIXED-ENDED, 
SYMMETRICAL, SINGLE-SPAN FRAME 


Properties of Members 


16.5 414.0 30.5 3* 
fA _ fA 8 
3 mi” Vec 
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DISCUSSION 


LOCATICN OF ELASTIC CENTER 


Centroid and Area of DA 


Kp, (1 + Cog) = 6.8(1 + 0.71) = 11.628 
Kap (1 + Cap) = 10.50 + 0.46) 15.2330 


L 


18 - 
0.6677 


= 0.6677 X 18 = 12.0187 
+ vu = 11.628 X 0.6677 = 7.764 ft. 


1 


6.8 “12.0 


= 0.5604 


Centroid and Area of 


, Member is symmetrical, so a = L/2 = 18 ft. 


ac “AC 


Centroid of Analogous Colum 


Diste to knee is 3.60 ft. 


Dist. to ridge is 15.60 ft. 
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- 
1,808.16 Vc = 1,219.48 


Veg = 0.67) 


= 0 


S, = 0 
391.88 = 375.60 
= 0.959% 


0 


3.754 Mag = 43.48 
Mac = 11.582k-ft 


Solution to Problem 


0959 3,393" 


2.326* 0.674" 
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DESIGN OF MULTI-LEVEL GUYED TOWERS: WIND LOADING* 


Closure by Edward Cohen and Henri Perrin 


EDWARD COHEN, | M. ASCE and HENRI PERRIN,” A.M. ASCE.—The 
authors note that the discusser agrees that the design of any wind loaded 
structure should be based on a careful analysis of probable wind velocities 
and the resulting forces for the given structural configuration. This is es- 
pecially gratifying since the authors feel that this discussion represents the 
position of responsible authorities in an area where wind forces are of major 
importance. 

The recommendations with respect to the variation of wind velocity with 
height for tropical hurricanes which the discusser questions are based on 
analyses by Professor R. H. Sherlock, (1) including “A Comparison of Six 
Great Florida Hurricanes” by D. C. Bunting (Weatherwise, June 1955). These 
indicate that the observed surface velocity exceeded the computed gradient 
wind velocity by 30% to 50% and it is concluded that it is “safe to assume that 
the wind velocity (in this case) increases only slightly with height or possibly 
decreases with height.” The authors hope that the two publications to which 
the discusser refers can be made available to them for further study. 

The latest American Standard Association recommendations (ASA.1-1955) 
give wind velocity in terms of the “fastest mile.”(34) (These are expressed as 
dynamic pressures including a velocity gust factor of 1.3 at 30 feet anda 
typical shape factor of 1.3). The recommended gust factors for use with the 
“fastest mile” velocity are 1.10 and 1.30 for 10 and 1 second gusts respectively 
at a height of 30 feet above the ground.(35) In view of the limited knowledge 
of wind phenomena it is considered reasonable to use 1.10 as the minimum 
design gust at any elevation. Therefore, the ten second gust factor is invari- 
ant with height and the variation with height for gusts of shorter duration is 
given by 


30,8 
F, = F30 (> > 1.10 (1) 
where #8 = 0.0476 for a 1 second gust. 
If the variation of the basic wind velocity is given by 


Vz = Yo (39) (2) 
v = basic wind velocity, p = 1/7 


. Proc. Paper 1355, September, 1957, by Edward Cohen and Henri Perrin. 
. Associate, Ammann & Whitney, Cons, Engrs., New York, N. Y. 
. Sr. Designer, Ammann & Whitney, Cons. Engrs., New York, N. Y. 
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the design wind velocity including gust factors and the resulting dynamic 
pressure become 

Vz = Vo (39) 


Za 


a = 2(p-8) = 0.286 when including a 10 second gust 
= 0.194 when including a 1 second gust 


These are plotted in Figures 1 and 2. The choice of gust factors should 
be a function of the dimensions and response times of the structure. 

It may be noted that the design velocities at 1000 feet become equal for all 
gust factors between 1.1 and 1.3 at 30 feet. 

Although the data presented appears to yield the most rational design pro- 
cedure at present, the authors note that the subject of variation of wind 
velocity and gusts requires more study and clarification. 

For example, a recent paper by Professor A. K. Blackadar(36) notes that 
various investigators have found different values for p and @/2 for heights 
up to 500 feet as a result of different surface conditions, as shown in Table 1. 
The higher values are not expected to apply above this level. Curves drawn 
with these exponents are valid only until they intersect the curves drawn with 
the 1/7 power downward from the true gradient wind. 


TABLE 1. Comparison of Data for Extrepol ating Peak Wind Speeds. 
30 ft. 
Source Pp | Gust Factor 


Sherlock (level, open country) 
Deacon (level, open country) 


Singer and Smith (30' woods) 


* 
| S minute average 


It is expected that the accumulation of the necessary basic data and this, 
analysis for practical application will continue to accelerate as acute need 
for this information becomes apparent. 

The authors wish to thank Mr. Saffir for his excellent discussion and to 
acknowledge the assistance of Dr. R. N. Vakil who reviewed the manuscript 
and assembled the errata and Mr. B. Mitrohin who drew all the figures. 
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34. “Minimum Design Loads in Buildings and Other Structures” by American 
Standards Association, 1955. 


35. “Wind Forces on Structures: Nature of Wind” by R. H. Sherlock, 
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36. “A Survey of Wind Characteristics Below 1500 Feet” by A. K. Blackadar, 
Department of Meteorology, The Pennsylvania State University. 
(September 1958). 


CORRECTIONS. --Page 4 - Equation (1) - Value of gust factor should be 
changed to 1.50. 


Page 4 - Line 32 - “one-minute average velocity” should be changed to “five- 
minute average velocity.” 


Page 5 - Equation (2) - Vz: subscript should be in lower case. 
Definition for V, should be changed to “design 
wind velocity at height, Z.” 

Change “the wind may be assumed constant” to 
“the wind velocity including gusts may be as- 
sumed constant.” 

Equation (4) - Substitute 


Line 13 


_pv? 
Taking q = lbs/sq. ft., V = mph and 


pP = 0.002378 Ib. sec2/ft4 at 60°F and 30 in Hg., 
q = 0.002558v2 


Page 8 - Line 11 “principal axis” should be changed to “main axes” 


and add “and are defined by Cy and Cp as shown in 


Fig. 5a.” 
Line 16 - Delete “Cp and Cy,” and add “C.” 5 
Line 16 - “1.3a” should be changed to “5a.” : 


Equation (7) - Remove subscripts D from C! and C. 

Line 28 Expression for R should be 

Change Fig. 1.3b to Fig. 5b. 

Label tabulations Fig. 5a. 


Page 9 - Figure 5 


Page 14 - Equation (8)- Remove period following K. The equation should be 
n = K(1-9)? 


Line 25 - Add at the end of the sentence “as shown in Fig. 11.” 
Then add, “The curve for trusses with flat members 
is given for C° = 2.0. For other values of Cp, the 

q ratios 7 remain the same for ¢ < 0.3. The values 
D 
for trusses with round members are, as shown, inde- 
pendent of ¢, for ¢< 0.3.” 
Page 15 - Figure 9 7 =(1-¢)2 for the curve for = 1.0 
Page 16 - Figure 10 - On the ordinate, “Drag Coefficient, CD" should be 


changed to “Normal Drag Coefficient, Cy". 
Page 17 - Equation (13) - Change the inequality to “0.05<¢<0.45". 
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- Add, “For values of ¢ near unity the total drag 
force will approach the value for a square prism.” 
Line 8 - 0,1 should be changed to 0.1. 
Line 22 - Last sentence preceding Equation (15), substitute, 
“A conservative formula for a yaw of 45° is given 
by.” 


Page 2 - Figure 14 - Within the chart, change “Fig. 1.10” to “Fig. 12.” 
Add Fig. 14a. 


Page 22- Equation (17) - Add “for” before the inequality. 

Equation (18) - Change the inequality to 0.05< ¢ < 0.45. 
Add, “For values of ¢ near unity the total drag 
force will approach that for a triangular prism. 

Line 18 - Add, “Although formulas similar to Eq. 18 and 19 
can be derived for yaws of 60° and 90°, they 
should be used with caution until confirming test 
data becomes available.” 
Add another paragraph: 

Cpr for towers with round members may be 
taken as 2/3 of the values for towers with flat 
member for corresponding ¢ values. Although test 
data is not available for towers with round mem- 
bers for large values of ¢, it appears reasonable 


0.3 
Solidity Ratio 


FIG. 
DRAG COEFFICIENTS FOR TRIANGULAR TOWERS 
FOR W=30° 
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that the total drag force will approach the values 

for solid sections of the same shape as the tower. 
- The last sentence of the paragraph. Substitute 

“The coefficients given for single trusses on 

Fig. 7 may be applied.” 


- Change to, “Minimum Design Loads in Buildings 
and Other Structures. American Standards 
Association. 1945.” 

- “Wooruff” should be changed to “Woodruff.” 
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DESIGN OF MULTI-LEVEL GUYED TOWERS: STRUCTURAL ANALYSIS* 


Closure by Edward Cohen and Henri Perrin 


EDWARD COHEN,! M. ASCE and HENRI PERRIN, 2 A.M. ASCE.—The 
authors wish to thank Professor Chu for noting several errors in the formulas 
as printed. His corrections have been most valuable in preparing the errata 
which is attached. The discusser’s own experience must lead him to treat 
these shortcomings with sympathy. 

The authors are in complete agreement with the excellent discussion by 
Professor Helley and Mr. Bertero. Several of the items mentioned, particu- 
larly ultimate design, were included in the original manuscript but separated 
out to be treated at greater length in a subsequent paper(2) on design. Un- 
fortunately, this paper has been put aside because of the pressure of other 
work. The discussers have inferred correctly that the authors believe that 
ultimate or plastic-limit design is the most fruitful approach for determining 
the true strength of a guyed tower. However, even if the tower is designed on 
an elastic basis, the use of load factors instead of factors of safety and yield 
or critical stress instead of allowable stress will yield tower designs of more 
uniform strength in their various components with resultant economy. 

Mr. Lewis has offered valuable comments which clarify several points 
covered in the paper. The effect of wind was not shown specifically in 
Equation 25 and Fig. 8 for fear of confusing the presentation. However, it 
can be readily included using the material presented. Equation 23 was 
intended for use in special cases, particularly when digital computers are 
available. The authors agree that under normal conditions, trial and error 
solutions, using equations of the type of Eq. 14, are more practical. 

Mr. Nelidov has presented an interesting and useful approximate solution 
of the guy stresses which depends on the assumption that the leeward guys 
remain tight after application of wind load. It appears that such a condition 
cannot be maintained economically under all loadings. It may be superfluous 
to note that when the guy tensions are such that the sag terms in Equation 14 
can be neglected, the guy analysis is automatically simplified. 

The authors thank the discussers for their thorough review and valuable 
comments. 

The assistance of Mr. R. Kumbhani in the early phases of the work, Dr. 
R. N. Vakil in checking the manuscript and preparing the errata, and Mr. 

B. Mitrohin in drawing the figures is gratefully acknowledged. 


a. Proc. Paper 1356, September, 1957, by Edward Cohen and Henri Perrin. 
1. Associate, Ammann & Whitney, Cons. Engrs., New York, N. Y. 
2. Sr. Designer, Ammann & Whitney, Cons. Engrs., New York, N. Y. 
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CORRECTIONS. -- 


S; 
Page 1 - Line 28 - Definition for Kj: Add, “Kj ash = ratio of the 


force S at level j to deflection of the guy supports 
at level j. Within the range of variation of 

Sj, Hj Kj may be replaced by wtan X + Cg as 
shown in Figure 9 and Equation 26.” 


Page 2 - Line 31 


“Vertical” should be changed to “vertical.” 


Page 6 - Line 12 - “ration” should be changed to “ratio.” 
Equation (13) - Should be shifted up and placed between b and bl. 


Page 15 - Line 9 


“forces” should be “force.” 


Line 15 - “as shown on figure 9” should be shifted to the 
preceding paragraph, “. . . the reaction, S, varies, 
as shown on figure 9.” 
Page 16 - Figure 8 - “guy lewel” should be changed to “guy level.” 
Page 19 - Equation (28) - “S,” should be changed to “Soj-” 
Line 24 - Definition of Kj: same as page 1, line 28 above. 
Equation (29) - “ -Sj” should be changed to “ - Soj.” 
Page 22 - Line 3 - Substitute “is performed” for “had. . . order.” 
Line 5 from 
bottom - Substitute “axial” for “Axial.” 


Page 28 - Equation (46) - Equation number should be changed to (48). 


Page 29 - Add Reference 
10a 


“Stiffness Charts for Gusseted Members Under 
Axial Load,” by John E. Goldberg, Transactions, 
ASCE, Vol. 119, 1954. 


The following corrections and additions should be made to the equations in 
this paper. 


2 
where 
_ WCosa 


Pace &, AFTER Ea. 
A = height of tower 


V,, = vertical reaction on tower 

A, = fota/ cross-sectiono/ area of tower /egs 
£, = Modulus of Elasticity of rower 

€, = Coefficient of Thermal Expansion 


b 
™ 


temperature change in degrees 


DISCUSSION 
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ond by adding eguetions (/9) 
where 
G,=-t 


/2 CosH 


7g - I,Cos« 
S>-- 1Cos« 
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(26) 
=u tanx +Cs 
S =(UK 


in Fig. 2 
= «tanXx 
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NUMERICAL SOLUTIONS OF BEAMS ON ELASTIC FOUNDATIONS® 
Corrections to Discussion by Alexander Dodge, ! M. ASCE 


CORRECTIONS. —Equation (4) on page 1787-42 should read - 
a Alir+ +y) - cyl. 


In the expression for oi on Fig. 7, the value 8 should be changed from 


the subscript to the factor of I, namely, 


dy = dy / 
dx [2/2] ols 


a. Proc. Paper 1562, March, 1958, by Henry Malter. 
1. Consultant, Design Branch, U. S. Army Engr. Dist., Portland, Ore. 
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MOMENTS IN BEAMS BY THE METHOD OF PARTIAL MOMENTS® 


Discussion by Lembit Kald 


LEMBIT KALD,! A.M. ASCE.—No single method or procedure of calcula- 


tion is equally well suited for all types of problems encountered in the analysis 


of indeterminate structures. On the other hand, if a new method is to be of 
value, there must be an area where the new method is superior to existing 
methods. 

On the basis of this criterion Mr. Posner’s method of partial moments is 
a valuable contribution to the store of tools for the analysis of continuous 
beams. The method of partial moments is superior to existing methods of 
analysis for continuous beams satisfying following conditions: 


1. Moment of inertia of the beam is constant within each span, but varies 
from span to span. 


2. The loading varies substantially from span to span, or the purpose of 
analysis is to determine the effect of varying the load on one span. 


To solve problems of above type most efficiently by existing methods a 
method of direct moment distribution(1) should be used and in order to com- 
pare the amount of work involved in solving such a problem by the method of 
partial moments and by the method of moment distribution, the beam shown 
on Fig. 1c of Mr. Posner’s paper is analysed by both methods in Fig. K1. 

Considering each multiplication, summation or division as one operation, 
the following conclusion is reached: 


40 operations are required to solve the problem by the method of partial 
moments 


48 operations are required to solve the problem by the method of direct 
moment distribution. 


The author is to be commended for the clear presentation of his method 
of analysis. 


RE FE RENCE 


. “A direct method of moment distribution” by T. Y. Lin, Transactions, 
Am. Soc. C. E., Vol 102 (1937) pp. 561-605. 


. Proc. Paper 1567, March, 1958, by Harry Posner. 
. Chf. Structural Engr., Leonard S. Wegman Co., Engrs., New York, N. Y. 
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ANALYSIS BY THE METHOD OF 


PARTIAL MOMENTS 


LizlJ,: 36107 

LJ 
gl 

Cp =0.886 

2 
YW, (LPI, = 3460*107 w, 
(L,) 1, #10370 «10° W, 
63.8«107 

0.24; m=0.20 


10370 250 


72 250 


| 120 3460 


72 10370 


M3 35.2 W, 


Mi =(M4*8.45 We 
M5 1.69 Wz 


4.4W2 8.6W2 
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ANALYSIS BY THE METHOD 
OF MOMENT DISTRIBUTION 


FIXED ENO MOMENT: 48 W, 
STIFFNESS FACTORS: 

| K,355.6 ; K,383.3; K3,47100 

IN TERMS OF RELATIVE 
STIFFNESS: 

Kagl.5; Kygl.8; 

| MODIFIED STIFFNESS FACTORS: 
| Koi 0-75; 315 
535 
RESTRAINT FACTORS: 

Ryz2.02; R, 31.694 ; 
MODIFIED CARRY OVER 
FACTORS: 

0.29; 3,450.24; 20.20 
DISTRIBUTION COEFFICIENTS: 
Das*0.64 


MOMENT DISTRIBUTION: 


Mj 8.45 W, M5 1.69W2 


Fig. K1 


— 
3460 24 
M 21.8W, 
-48We +48W2 
+30.6We_ 6Wz 
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THE NEW ART OF FABRICATION ENGINEERING* 


Discussion by L. S. LeTellier 


L. S. LeTE LLIER,! M. ASCE.—Fabrication engineering is presented by 
the author as “a new subject in education and for the control of design in prac- 
tice. It is defined as the art of determining the materials, methods and 4 
places of assembly to insure maximum use and competitive values for the _ 
products of engineering design.” To achieve the objectives of this art will 
be readily recognized as a prodigious undertaking. 

At the risk of over-simplification, the opinion is ventured that the fore- 

z going definition of fabrication engineering is also a pretty good working defini- 
ae tion of engineering design, for if the designer of any product or structure 

does not take into account the “materials, methods and places of assembly to ee 
insure maximum use and competitive values for the products of engineering re, 
design,” he is either ignorant or culpably neglectful of his professional obli- 
gations. 

The author takes the position that “it is unusual if he (the engineer) is 
taught to design factually for all of the criteria of use—beyond strength and 
into costs, efficiency, service and consumer appeal,” and he asserts that 
neither in education nor practice can the engineer get formulated guidance 

“ on the choices that determine the elements of fabrication.” This raises the 
‘a question of just what a qualified engineer expects in the way of formulated 
guidance, and the extent to which it can be provided by some super-agency 
dealing with all of the criteria of engineering design. The opinion is expressed 
oh that in the limited field in which any engineer operates he has, or should have, 
. the qualifications for self-guidance. The author’s implication that engineers 
7 do not usually design beyond strength is hardly a realistic appraisal of the 
situation. 

Unfortunately, many of the criteria of use and acceptance of a product or = 
structure are not based on any rational or predictable evaluation of what is al 
good and what is bad, but rather upon what for the moment is the whim of the * 
oH user. Evaluation of the criteria to control design consists in making a good 
guess as to what the user will demand next or what the producer will try to 
rs induce him to buy. Both are difficult guesses. 

Even in architecture, many of the criteria that have been accepted since 

i the time of Ancient Greece are giving away to something that is startlingly 

new. From what the layman sees he may well wonder whence the architects : 
are getting their formulated guidance. At least it must be said that in some : 
fields of engineering, notably in the bridges that are being built, engineers 

are showing a refreshing awareness of beauty as a cultural asset. 


a. Proc. Paper 1630, May, 1958, by Frederick H. McDonald. i 
1. Civ. Engr., Charleston, S. C. 1 
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In developing his thesis, the author refers to fabrication engineering as 
“a factual comparison of the safety, cost and service values of alternate 
materials, methods and places of assembly for the same product, equipment 
or structure.” This is referred to as an art, the development of data for 
which would provide “for a precision approach to design.” One wonders how, 
for example, any factual comparison of the factors that enter into the design 
of an automobile could ever provide a precision approach that would encom- 
pass all of the variables that influence popular acceptance of a new car. 

A study of alternates is, or should be, a phase of nearly every design; how- 
ever, it is perhaps true that when designs are changed by the adoption of al- 
ternates, it is usually not to correct inherent faults in the design but rather 
to keep costs within the money available, or, in the case of a product, to keep 
the cost at a level at which the product could be profitably marketed. 

It may be that cost data and other indexes are not as complete or de- 
pendable as they might be, but there is a vast amount of authentic material 
which, if intelligently used, can be a safe guide to design. The finding of 
suitable alternates, particularly as to better materials, is one of the most 
active and fruitful phases of current research. The growing use of plastics 
may be cited as an example. This is true also of methods and techniques in 
such fields as pre-stressing of concrete, tiltup construction, and many others. 

In public works and institutional buildings, as the author points out, there 
has been, and doubtless will continue to be, much poor design and construc- 
tion; but it is doubtful if this can be attributed to any lack of background 
material to guide designers and contractors. In the design of products that 
have to be sold in a competitive market, it is doubtful if “costs and consumer 
appeal” are actually lost, as the author fears, by basing designs on “gen- 
eralized assumptions.” Market research takes pretty good care of this. 

The author’s reference to “what is almost a void on all the determinations 
that should precede design conclusions. . .” is rather gloomier than the facts 
support. The problem is not so much a dearth of information as it is of 
evaluating and applying to specific cases, the results of research and field 
experience. This is a task that the engineer must perform for himself. 

It is not clear that educational institutions could provide the formulated 
guidance that the author has in mind. This guidance would involve the setting 
up of criteria and making determinations that would range over the whole 
field of science and technology. If this is to be reduced to college courses, 
one wonders where the institutions would find the time and the staff to de- 
velop, organize and evaluate the material and teach the courses. It is no re- 
flection on the engineering schools to express doubt as to their qualifications 
for this herculean task. 

The author’s use of a grade separation project to illustrate the correct 
procedure in design points up—not the lack of facts and criteria that govern 
design, but rather the meticulous care with which road designers attempt a 
complete evaluation of every known factor that influences design, including 
the specific ones mentioned in the author’s list. 

It is noted that the Engineering Economics Division of the Society was 
organized in 1931 and discontinued in 1952. Presumably this division was 
expected to achieve to some degree the objectives that are sought by the 
author through fabrication engineering. It may not be amiss to ask if this 
division was liquidated because its objectives were so far-ranging and so ob- 
scure, and the technique of accomplishment so baffling that the division col- 
lapsed from frustration? The first requisite of any program is that its 
proponents keep their feet on the ground. 
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Implementing the author’s plan would involve the determination and 
generalized evaluation of an almost limitless number of alternates ranging 
through the whole field of science and technology and into every branch of 
engineering, construction and manufacturing; and making this data available 
and keeping it current. One wonders what sort of an organization would be 
required to accomplish this and at what cost. One wonders, too, if such an 
organization could more skillfully develop alternates than is now being done 
by organizations working in specialized fields. For example, could it be 
expected to develop more and better alternatives in the field of communica- 
tions than is now being done by the Bell Telephone Laboratories? 
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MOMENTS IN CONTINUOUS BEAMS ON FLEXIBLE SUPPORTS* 


Discussion by Victor R. Bergman 


VICTOR R. BERGMAN, ! A.M. ASCE.--The problem treated by the author 
bears a definite relationship to the well-known class of problems usually 
described as “beams on elastic foundations.” In fact, an analysis of the mast 
can be effected very simply by an application of the finite-difference method 
already explained in connection with beams on elastic foundations.(1,2) 

The basis of the finite-difference approach lies in the substitution of the 


% 
approximation 2% Jr yr 


in the standard beam equa- 
ax* h< 


tion, a“y = +. , to obtain the approximate equation, 


Here, the subscript i indicates the nodal point under consideration; the 
subscripts r and 1 indicate nodal points to the right and left, respectively. 
“h” is the interval, or distance between nodal points — in the present problem, 
100 feet. 

In the finite-difference approach, the solution is made directly for the de- 
flections, y; (i = B, C, D, and E), rather than for moments. Since there are 
four unknown deflections in this particular problem, four simultaneous, linear 
equations are to be written. The approximate equation derived in the preced- 
ing paragraph is readily applied at points B, C, and D to yield three of the re- 
quired equations. For x = 0, however, where i = A, no y exists. Neverthe - 


less, since oy = 0 at A, we can imagine that curve (of the mast’s centerline) 


continued to the left, symmetric about the y-axis with the actual-curve. It 
then becomes possible to write (remembering that y; = ya = 0): 


¥n—(2)(0) + 


= A 


2 
2¥n = 
B El A 
The numerical procedure in applying the approximate equation will be il- 
lustrated at point D. The bending moment at D is obtained by considering all 
forces and moments shown acting to the right of point D. Thus, 


a. Proc. Paper 1631, May, 1958, by Robert A. Williamson. 
1. Vice-Pres., Godwin Constr. Co., New York, N. Y. 
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Mp = 50+ 6.5 x 100+ 10 x 50 — Ayg x 100 
= 1200 —400y, (kip-ft.) 
= 100° My 
EI 6 1 208.7 
(4.32 x 10°)(4.83 x 107°) 
(1200 — 4005) = 5+75— 1.915y, 
208.7 
or, 
2.915yg + + 5-75 (Eq. A) 
Similarly, 
3-395¥p = — Cy, — + 17-7 (Eq. B) 


This set of four equations could, of course, be solved by determinants. 
Instead, to avoid the necessity of a review of that subject, recourse will be 
had to the very simple and straightforward method of successive approxima- 
tions. Thus, starting with Eq. A and utilizing the author’s initial approxima- 
tions for y~ and yp, we have: 


or, Yp = 3.34. This value of yg is to be used in subsequent equations B, C, 
and D, until Eq. Ais again reached and a new value of Yr determined. A 
corresponding treatment is to be accorded the values of Yp» Yc, and yp as 
they are determined in Equations B, C, and D, respectively. The process is 


to be repeated again and again until the differences between the corresponding 
y-values in successive cycles become acceptably minor. 


The application of the method to the author’s problem is presented in Fig. 1. 


The final deflection values, obtained with a ten-inch slide rule in only seven 
cycles, are seen to check the author’s within a few percent. 


RE FERENCES 


1. Discussion article by Joseph Gold, Transactions, ASCE, Vol. 114, pp. 64-70. 


2. NUMERICAL SOLUTIONS FOR BEAMS ON ELASTIC FOUNDATIONS, by 
Henry Malter, ASCE Proceedings Paper 1562, March, 1958. 


a 
> 
25-9 = 9-$8¥, — 7-19y¥) —7.66y, + 59.0 (Eq. D) 
2915y, = 1420 + 5.20 + 5.75 4 
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DEFLECTION LIMITATIONS 


Discussion by Octave W. Imer 


OCTAVE W. IMER.!~It is believed to be very appropriate that a com- 
mittee on Deflection Limitations of Bridges of the Structural Division has 
been appointed at this time, when more bridges are being designed and built 
than ever before. 

Should we succeed in eliminating the deflection clause out of the A.A.S.H.O. a a 
handbook, as has been done by the German Federal Railroads with their 
“Design Specifications for Steel Bridges for Railroads,” effective October 1, 
1951, we would save great quantities of steel and thereby save money for the 
taxpayer. 

Here, as in Germany, nobody seems to know exactly how this “rule of 
thumb” deflection formula came into being. It may have been an easy cri- 
terion of measuring the safety of a bridge by its deflection under live load, 
when the concept of strain and stresses, and that of the modulus of elasticity 
were very nebulous with most engineers of the last century. 

The modulus of elasticity of steel, be it carbon steel, low-alloy steel, sili- 
con steel or nickel steel, remains always the same, namely E = 29,000,000 
p.s.i. In other words, the deflection under otherwise equal circumstances is 
directly proportionate to the stresses used, be it carbon steel with a permis- 
sible stress of fg = 18,000 p.s.i., or be it nickel steel with a permissible stress 
of fg = 30,000 p.s.i. 

Inadvertently, a similar development took place, time wise (particularly in 
carbon steel A - 7), in the period of the 1920’s when the permissible steel 
stresses were increased by the A.I.S.C. and many building codes from 
fs, = 16,000 p.s.i. to fg = 18,000 p.s.i. and lately to fg = 20,000 p.s.i. and dur- 
ing the Second World War, even to f, = 24,000 p.s.i., without changing the de- 
flection formula. In building construction the deflection formula has a mean- 
ing insofar as it prevents cracked plaster ceilings. 

It cannot be emphasized enough that for the same span length and the same 
moment of inertia of the member the deflection is directly proportionate with 
the stresses for a constant modulus of elasticity. 

‘ This statement shows beyond any doubt the ambiguity of the deflection 


formula when the same specifications request the engineer to determine safe 
J permissible stresses. A similar ambiguity exists between stresses and the 
“depth ratios,” which most modern steel girder bridges specifications in 
a Europe and particularly in Germany have discarded. 


In the long plate girder and box girder type bridges the deflection does not 


. Proc. Paper 1633, May, 1958, Progress Report of the Committee on 
Deflection Limitations of Bridges of the Structural Division. 
. Chf. Bridge Engr., Walter Butler Co., Saint Paul, Minn. 
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only increase in a lineal fashion with the increase of the permissible stresses 
but for otherwise similar conditions the increase of the deflection will be to 
the 4th power for uniform live load for any increase in span length. It is ob- 
vious from this point of view that the deflection formula as it stands now or 
any resemblance thereof becomes completely untenable, and that those long 
span girder bridges as they exist now in quantity all over Europe would be 
well-nigh impossible. 

The only beneficial factor in this contest of stresses versus deflection is, 
that the dead load of the long span bridges increases more than the live loads, 
and that the empirical impact factor (empirical, because it tries to replace a 
dynamic factor by a static load) disappears nearly completely with the greater 
length of the bridge. 

As there seems to be an intention of revising the deflection formula or 
drop it altogether, there may be a suggestion to change or drop the “depth 
ratios” formula as well, and put the impact formula on a scientific basis or at 
least modernize it. 

The bibliography given at the end of the report under discussion concerns 
itself mostly with impact and vibration, and little or not at all with deflection, 
even though deflection due to the static load amounts to from 80 to 90%, as 
compared with the impact influence of only 20% to 10%. 

The above ideas have been deduced from the following bibliography: 


. F. ’Allemand: Der Eisenbau (1910) $.202. 
. A. Senft: Der Stahlbau 17 (1944) S.55 


. K. Brueckmann: Durch periodische Aenderungen der Trieblasten 
erregte erzwungene lotrechte Schwingungen von Eisenbahnbrueken als 
Eigenschwingungen von massenveraenderlichen und gedae mpften 
Schwingungsysteme. Deutscher Stahlbau-Verband Koeln. (1952). 


4. K. Brueckmann: Der Eisenbahnbau (1950) S.230 


5. W. Pfaff: Durchbiegungsvorschriften und Schwingungsverhalten von 
Bruecken. Der Bauingenieur (July 1954) S.249 
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USE OF MODERN COMPUTERS IN STRUCTURAL ANALYSIS* 


Discussion by Winfield H. Eldridge 


WINFIELD H. ELDRIDGE, ! A.M. ASCE.—The excellent paper by Mr. 
Clough is somewhat marred by the unfortunate example illustrating the func- 
tion of the digital computer. The height of the mountain as computed in the 
example would be more than eight feet too low. The engineer or surveyor 
determining distant elevations cannot ignore the effect of the curvature of the 
earth and the atmospheric refraction. It is for this reason that h is not equal 
to d‘t. A more nearly correct expression would be; h = dt + d2k + HI. kis 
a constant to account for the curvature and refraction. HI is the vertical dis- 
tance the instrument is above or below the initial point. 
Instructions to the “computist” would need to be as follows: 


a. From data Sheet write “d” in space 1 
b. From Data Sheet write @ in space 2 


c. In table look up value “t” corresponding to 
number in space 2 and record in space 3 


d. On desk calculator form product of numbers 
in spaces 1 and 3 and record in space 4 with 
same algebraic sign as line 2 


e. Multiply “d” by itself and enter in line 5 


{. Multiply line 5 by 0.0000000206 and enter on 
line 6. 


. Add line 6 algebraically to line 4 and record 
on line 7. 


. From the data sheet record the HI in line 8 
and add algebraically to line 7. Record on 
line 9. 


3 Electronic computers are not new to surveying. 
, & Their use is well adapted to all types of surveying 
4 problems from the computation of earthwork to the 
adjustment of a geodetic triangulation net. The 
trigonometric elevation problem, when properly programmed, can be solved 
in about 45 seconds on a machine such as the MONROBOT V. 


a. Proc. Paper 1636, May, 1958, by Ray W. Clough 
1. Asst. Prof. of Civ. Eng., Univ. of Illinois, Urbana, I11. 
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SPECIFICATION FOR PRESERVATIVE TREATMENT OF TIMBER* 


Discussion by John Reno 


JOHN RENO.!~1n its “Introduction” the Committee implies that the only 
safeguard against wood decay and insect attack is that resulting from pre- 
servative treatment by pressure processes. This is misleading and should 
be corrected. 

It is well known that protection against moderate decay hazards is accom- 
plished by other methods, including dip treatments in chlorinated phenols. It 
is also well-known that high resistance to decay is inherent in the heartwood 
of California Redwood, Tidewater Red Cypress, and various cedars. 

Again under “Treatment Methods” there is the implication that the empty 
cell and full cell processes are the only suitable treatments. This erroneous 
thought is carried into Table 1. 

Also, in Table 1 the impression is given that pressure treatments are 
necessary for wood when used “not in contact with the ground nor in water.” 
From this one could get the idea that all woods should be pressure-treated 
whether or not exposed to decay conditions. As is well known, wood that is 
used under dry conditions, where moisture content will not exceed 20%, need 
not be treated by any method as a protection against decay, as it is not in an 
danger of decay. ae 

The Committee probably wishes to emphasize that it has reference only to 
high decay exposures such as those encountered by piles and similar construc- 
tion where only the best treatments will serve satisfactorily. However, the 
report as now written, gives a different impression and would lead one to believe 
that the Society is advocating treatments, and especially pressure treatments, 
for all purposes where wood is being utilized. 


a. Proc. Paper 1637, May, 1958, Progress Report of the Sub-Committee 
of the Committee on Timber Structures of the Structural Division. 
1. Pacific Lumber Co., Chicago, Ili. 
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LATERAL LOAD ANALYSIS OF TWO-COLUMN BENTS* 


Discussion by Yves Nubar, Zdenek Sobotka 
and I. Chen Chang 


YVES NUBAR.!—This paper describes a very interesting, direct applica- 
tion of slope-deflection equations to symmetrical two-column bents under 
lateral loads. The author processes these equations in such a manner as to 
obtain, first, a system of linear equations between the unknown column-girder 
joint rotations, in the same number as these latter. After the system is 
solved, the joint rotations are utilized to calculate the column and girder 
end moments, also the lateral deflections at the various stories, if desired. 
The solution of the system can be performed in a number of ways; the author 
suggests an iterative procedure and several variations of it which have ex- 
cellent converging features. 

The same slope-deflection equations can be used in a different manner 
which would yield at the outset a system of linear equations between the un- 
known girder end moments. These equations, similar in structure to the 
equations of three moments in continuous beams, each contain the moments 
at 3 consecutive tiers, with the exception of the first and last which contain 
only 2 each, (this is also the shape of equations (A) given by Mr. Goldberg 
between the joint rotations). This approach offers the slight advantage that 
girder end moments which are often elements of the greater interest, are 
found first. Column moments can be found immediately afterwards; then, 
joint rotations and lateral deflections, if required. The iterative types of 
solutions suggested by the author can naturally be used here also. This pro- 
cedure is outlined below, applied to the three consecutive tiers m, n, 0; the 
notation is that of the author. 


Moment equations: 


rt 
me . 
Mm, (20, +8, -3R, ) 


Mie = — Ko (20,44 -3R,) 


a. Proc. Paper 1638, July, 1958, by John E. Goldberg. 
1. Cons. Engr., New York, N. Y. 
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Shear equation: 


on tM = (N2) 


These equations give, after elimination of @ , 6,, Ro: 


Apply this last equation to story m-n, 


Now write M¢,M°_ 4M =0, using the above relations, 
no 


+ + 6 )-M., + 3 (N5) 
° m 


n 


This is the equation referred to earlier relating the girder end moments 
at 3 consecutive tiers. There is one equation of this type for each tier. After 
the girder end moments are found, eqs. (N3) will give the column moments, 
and eqs. (N1) the joint rotations and lateral deflections. Eq. (N5) is equivalent 
to the author’s eq. (13) between joint rotations. 

Eq. (N5), applied to the 8 story illustrative bent of the author, gives the 
following system in which the superscripts of the girder end moments have 
been dropped for simplicity: 


M1, 


419M 1M, .-2376 
4201, - .2898 


The procedure outlined above is a variant of a general method of frame 
analysis described by the writer some years ago.(1,2,3) The method is 
applicable to Vierendeel trusses (or viaduct towers) of any number N of 


445-2, = 
3M 415M, 1080 j 


4 
Ke 2 & KS 
a 
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panels of unrestricted shape and number of sides, and yields a system of 
2(N+1) linear equations (2N for towers) between the end moments, 6 in num- 
ber, of 3 consecutive web members (girders in towers). When the structure 
is symmetrical about a longitudinal axis, the system reduces to one of N+1 
equations (N for towers) between 3 end moments, of the general type of Three- 
Moment equations, which is that of eqs. (N6) above. 

As a possible alternate to the author’s iterative methods of solution, the 
writer would like to present briefly a semi-graphical method which he has 
found convenient for the solution of linear systems of equations of the general 
three- moment type. It is based on the theory of “fixed points” (or “conjugate 
:° points”) which was used\*) for the analysis of continuous beams, and which 
was developed systematically(1,3) in connection with the general type of 
rigid frames. For the purpose of summarizing this method of solution, the 
theory of fixed points is presented here reduced to its essentials; these will 
be given without proof in relation to the abbreviated system I, II, III, below; 
the discussion and conclusions apply without change to a system of any num- 
ber of equations of type (N6): 


A,u, + Bu, 
Au, + B,u,+C.u, = P, (II) 


+Ciu, 


Uy, ug, ug are the unknowns, and A, B, C, P given constants. 
Lay out as a base line two spans 1, and lo, of equal length (see Fig. N1), 

and erect perpendiculars at their ends; these will be called the uj, ug, ug 

axes respectively and will carry these unknowns as ordinates. The straight 

lines joining the end points of these ordinates will be called the (uy ug) and 

(ug ug) lines. There exists a simple infinity of pairs of uj, ug values satis- 

fying eq. (I), hence a simple infinity of (uy ug) lines corresponding to them. 

4 


All these lines pass through a fixed point o! of abscissa 7 6 and 


= 
ordinate ea _—.. - Again, there is a simple infinity of triple values 


uy , Ug and ug which satisfy both eqs. (I) and (II), therefore a simple infinity 
of (ug ug) lines. These lines also will pivot around a fixed point OF - This 
a ' point can be found using fixed point Oo} of the preceding span by the following 
i construction: draw perpendiculars of abscissae and = given by 

I 


x at 0 
; mark on these perpendiculars two points E 
uy, A 1 


ED of ordinates ell and ell satisfying the relation Aen Ce +0 , (for 


and 


instance, simply ©. .__*2 ); draw lines Q, E,S, and S,E ; this latter 
A. : 2 


4 
a 
q 
a 
= 
j 
(II) 
4 
ij 4 
4 
va 
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Fieure NI 
Graphical Solution of Equations 


intersects the base line at point Qp which will be the foot of the perpendicu- 
lar of the (as yet unknown) fixed point of, again, mark on these same per- 
pendiculars two points and of ordinates and which satisfy 


draw ol and T the of this last line with the perpen- 
dicular at Qo will be the fixed point of 


through which pass all (uy u ug) lines. 
One of these aie must also pass through a fixed point o if eq. oo is 


satisfied; the coordinates of this point are xe 2& ; o, = 2 

now the two fixed points oD and we this will give Us and Ug; join Uy and 
fixed point and obtain (A few words about for 
instance, is an effect of eq. I in span 1; similarly, E . are effects of 


S pan | Span 2 
P 
| 
0, on | | 
it 
u T, 
/ | 
| 
> 4 z 
xt ot 
| 
a 
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eq. II in spans 1 and 2, respectively. Also, ell is the ordinate of point Ell ; 
fll that of point Ta etc.) 


The process therefore consists in finding the fixed point of a span by means 
of that of the span preceding, passing from one span to the next until the last 
span is reached for which two such points are found; then proceeding in the 
opposite direction, and drawing the (Uy .1Un) lines in consecutive spans, thus 
finding all u’s one after the other. This process is characteristic of the 7 
theory of fixed points. . 

In equations of type (N6) encountered in engineering the several points to 
be determined by the above operations lie in easy proximity of the base line 
in the great majority of the cases, therefore these operations are convenient 
to perform. This is due to the fact that end coefficients A and C are almost 
always of the same sign (thus, points such as Qh fall within the spans to 


which they belong) and that middle coefficients B are in general much larger 
than A and C (thus, quantities such as A+B+C which appear as denominators 
are fairly large). It may also be added that the operations described here 
can be varied in a number of non-essential ways for the purpose of achieving 
greater accuracy, self-verification, etc. In the case of continuous beams on 
unyielding supports, these operations are particularly simple; thus, abscis- : 
sae are at the third points of the spans, points and 
ED are at distances from the base line proportional . the stiffnesses 
ky = Iy/ly and kg = Iz/lg of the beams, and points ©}, Fy» Fy» 


distances equal to the corresponding fixed-end line. 
The method just outlined will be illustrated by application to system of 
equations (N6). More correctly, to reduce the work involved, it will be applied 
to a sub-system obtained from (N6) by one of several approximations which 
have often proved satisfactory. One consists in assuming Ms = (M4+Mg) = 2 
that is, Mg = 2Ms - Mg; another approximation results from assuming the - 
inflexion points in the columns located at their mid-height, above and below a 


tier 4, that is, Mg = - (> 


+ 3?) + 240. Using this latter, the sub- 
system corresponding to the upper half of the bent is 


-3M - - 2040 
> 


The graphical work is simpler if the terms in the first members are all of a 


the same , Sign; this is achieved by making the substitution My = -M, and a 
Ms = -M,. The result is: 


q 
| 
‘ 
3 
q 
9 
| 
x 
q 


November, 


' (a) 

gM, = -—10 

2M - +360 (b) 
4 - 720 (c) 


+ 3M + 15M, +2040 (d) 


The solution of this system by the method of fixed points is shown in Fig. N2. 
The numerical operations, all of them performed on the slide-rule, are 
written opposite the span to which they refer. (The notation used is that . 
described above in connection with eqs. I, II, III.) The values of the unknowns, 
given by the layout on the corresponding axes, are read as: 


For comparison, the results of Mr. Goldberg’s solution after two cycles of 
iteration are given below: 


« 


M 24.3 M 
3 102 3 = — 186-6 


(The writer would like to point to a slight numerical discrepancy in the 
paper: the K value of the first tier girder is shown to be 1.25 in Fig. 1, 


whereas Table I, also the calculations, indicate that it is 1; this seems to be 
the correct value.) 
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ZDENEK SOBOTKA.!--This excellent paper by Mr. Goldberg has proved 
the advantage of elimination of members and expressing the effect of joint 
translations from the equations of slope-deflection method. That elimination 
leads to the sapid convergence of the iterative procedure derived by the 
author, which represents by its simplicity and clearness an extremely valua- 
ble method of lateral-load analysis of two-column bents. 


1. Docent of Theory of Elasticity and Strength of Materials, Technical Univ., 
Prague, Czechoslovakia. 
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The set of three-member equations for the determination of the joint rota- 
tions of laterally loaded symmetrical two-column frames may also be solved 
by determinants as shown by the writer in his discussion in Proc. Paper 1442. 

For comparison, the joint rotations of the bent shown on Fig. 1 on page 


1638-16 may be computed by the use of determinants. 
For this purpose, it is useful to write the set of three-member equations, 


given in Table II on page 1638-12, in the general form 


+ 


+ U6 96 + 


The joint rotation 6g may be expressed as the ratio of two determinants 
ee (2) 
8 


The determinant of the system 


may be very easily computed from the minors beginning from the right lower 
corner by the following recurrent procedure 


4 
= Ig 
(1) 
O 
Vg 1 0 0 
0 V9 Ug 0 0 0 0 4 
y) 4 
0 6) V4 1 0 
0 0 0 0 0 V3 Us 1 ‘as 
0 0 0) 0 0 Vo Uy | 
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Le 0 0 ( @) @) 
@) 
1 O 
) O 
(4) a 
Lo 0 0 0 Vv, 1 
) v 
Ly 0 0 ( 0 V5 bis 
7 will be calculated from the formula 
- [ - D = 
Dig lg Dy - + Ig D L, Dy + D3 - 15D, + Ly Dy 14D; 


™ 
— 
5 


= (5) 


The rotation 6g determined from Eq. (2), may be substituted in the first 
equation of the system(1) from which we obtain 67 and after substituting the 
values 6g and 67 in the second equation, we get 4 etc. 

The numerical calculations for determining 6g are listed in Table A. 


The advantage of Mr. Goldberg’s iterative method is the less sensitivity to a 
errors. a 


Two-Column Bents of Uniform Stiffness Loaded in All Stories 
by Equal Lateral Force 


In the case of two-column bents with columns of equal stiffness KC and 4 
with girders of equal stiffness KG loaded in all stories by equal lateral force :. 
W, a special procedure may be used which is analogous to that for the solution c 
of equations in finite differences. The equation of joint rotation of such a bent a 
with s stories has for the n-th story the following form a 


& 
- The value of the determinant in the numerator Bo 
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+ (6 + 2K’) ©, - = = (2s 2ntl) (6) 


or, after dividing by KC and substituting @m=6y-1, 9% =9n41 


- + (6t +2) 0, = (2s - 2n +1), (7) 


where 


is the constant ratio of girder and column stiffness. 
Using quite an analogous procedure as for the solution of equations in finite 
differences, we get the general solution of the homogeneous equation 


- 6 
r 


in the form 
(9) 


where 


1 
8n-1 


is the constant ratio of joint rotations in two successive stories of non- 
loaded frame by the effect of internal forces. 

Substituting Eq. (9) into Eq. (8) we get, after some rearrangement, the 
quadratic equation 


we (6t+2)w+1=0 (10) 


for determining 


W 2 = + 1+ ot" + 6t. (11) 


The solution of homogeneous equation is then 


n 
n+ Wa 


The particular solution of Eq. (7) may be found in the form 


2 _ Wh 
= (an + b). (13) 


After substituting it into Eq. (7), we may determine the coefficients 
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(29 2n +1). (14) 


After substituting the values of Wy and Wo from Eq. (11) in Eq. (12) and 
adding Eqs. (12) and (14), we get the general formula 
= C, + +c, Gt+1 -Vot? + + 
+ (as - + 1) (15) 
12k t 
from which the joint rotations in all stories may be computed directly and 
independently each from the other. 


The values of constants Cy and Cg follow from boundary conditions. For 
the bent with built-in base, we have from Eq. (15) for n=0 


+ Cy + (28 + 1) = (16) 
12K°t 


and for s-th story, Eq. (7) may be written in the form 
_ Wh 
1 + (6t + 2) 8, = on + (17) 
i.e. 
Wh 


c 


+ (6t + 2)(C) C, + 


Wh 
12K°t 


Then, we may compute the constants from Eqs. (16) and (17a) as follows 


_Wh { 1+ (2s + 1) [Cet + 2)w,° 


St [Cet + 2)(w -w,°) - (w,5 - w,°-*)] 


17 —Wh_ (25 + 1). (19) 
12Kx° 


Two-Column Bents with Regular Variation of Stiffness 


If the stiffness of columns diminishes upwards following the geometrical 
progression 


c 
Ky 
where Ko and q are constants, and the stiffness of girders follows the 
similar law 


20 
x 
2 
A. 
x 
[=] = 
0 
4 
; 
n 0 
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the equation of joint rotations for the n-th story has the form 
+ (t+ 1+ 4) 4 


Proceding as before, we get from the characteristic equation 


q (21) 


the solution of homogeneous equation in the form 


n n 
= +0, ’ (22) 


C 
[>t + (1+q) + 3t (1l+q) + (1+q)* - ] + 


q 


C n 
2 1 2 1 i ] 
+ [03 + Cita) =f ot%+ 3t Cita) + -a (aga) 


The particular solution of Eq. (20) will be determined in the same manner 
as in the case of bent with uniform stiffness. It has the form 


bis 
— (2s - an +1 - (23) 
a"t 


which may be checked by direct substitution in Eq. (20). 


The constants Cy and C2 of the general formula for joint rotation 
2 n n Wh 
8, 1 1 2 2 12K° q™t \ 


(24) 


may be found again from boundary conditions. 
In the case of built-in base of the bent, we have 


and putting in Eq. (20) n=s, we get 


- + (6t+1+ 


s 
+ (6t + 1+ q) [c, C. Ws 12K° 3t (26a) 


_ 


q 7 
| 
= + (28 + 11 = 6 
Wh 
i.e. 
2K 0 q 
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) (27) 


-c, - 


28 
i 12K5t 


Considering that the solution i . of homogeneous equation decreases very 


rapidly from the lower and upper boundary of the bent towards the middle 
stories, we may limite, with practical accuracy, the computation of joint 
rotations, with the crougtign of those in three or four lower and upper stories 
to the particular solution 6,- This is a great simplification in the analysis 
of symmetrical multi-story frames with two columns. 
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I-CHEN CHANG, | A.M. ASCE.—Mr. Goldberg’s work in the study of tall 
buildings is well known to engineers. His present paper deals with a special 
case of this kind of investigation, yet due to his rendering this complex prob- 
lem more simple, it does represent a new approach to the general problem 
of side-sway. 

The analysis of a multi-story rigid bent with several degrees of side-sway 
usually takes laborious numerical calculation. Both the method of auxiliary 
force systems(1) and the method of shear distribution(2) fail to yield a simple 
solution. However, for the symmetrical two-column bents the labor can be 
reduced substantially through an adoption of the new techniques of moment 
distribution which were developed in recent years. Among them the panel 
method of Maugh, (3) the modified moment distribution method of Perri,(4) 
and the cantilever moment distribution method of Grinter and Tsao(5) are the 
best known approaches to engineers of this country. An extension of the 
cantilever method is herein given as an alternative to Goldberg’s solution. 

This discussion also intends to demonstrate some of the advantages of a 
group -relaxation process which has been used by the writer for several years. 
Since the present problem falls into the category of slow convergence, this 
process seems to be helpful. 

Now let us take the Eq. (10) as listed in Goldberg’s paper and rewrite it 
for the vertical member Ai of the bent shown as Fig. 1. 


Maj = Kai 9q - Kaj 9) + 1/2 Saji Lai 
I. Special Student, Columbia Univ., New York, N. Y. 


1-q s 1- Ss s—] 
Wh {1 + 3p +4 (2s +1 +1l+ -W, 
aSt [Cot + 1 + -w§) - (wi -w5-*)) 
7 
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I 
where: K,, = a stiffness of member Ai, 
Ai LAi 


Saj = Shearing force of member Ai, 


and Laj = length of member Ai. 


By comparing Eq. (1) with the slope- 
deflection of a continuous structure member 
AB, which is 


Map = 4Kap % + 2Kap?p+MpaB, (2) 


we notice that due to the cantilever action the 
stiffness of the member Ai has been reduced 
from K to Kv which is (1/4)K, where v isa 
factor which may be used to define the condi- 
tion of end restraint.(6) The carry-over fac- 
tor meanwhile changes from 1/2 to -1 and the 
fixed-end moment is equal to (1/2) SajLaj. 
This yields the same conclusions that have Fige 1. Symmetrical 
been reached by the cantilever method. Due Two-column Bent 

to the condition of antisymmetry, the stiffness 

of the horizontal member AA' changes to 

Kv or 1.5K.(7) 

Although the Cross method of moment distribution can be applied directly 
by using Kv-values instead of K-values, but the whole balancing procedure 
converges slowly as the carry-over factor has become -1. 

Such a difficulty, however, can be overcome by introducing a new distrib- 
uting factor R as this writer demonstrated in his previous discussion on 
Barnoff’s paper.(8) Notice that the rigid-joint equations were derived for the 


slope -deflection equation which takes the form of Eq. (2). If we replace Eq. (2) 


by Eq. (1), the expression for Da and Raj in the present case must be 
replaced by 


n=2 
Da=1-) Tai: TiA (3) 
i=l 
1 


where raj is the distribution factor of member Ai at end A in the Cross 
method of moment distribution. 

By employing the distribution factor Raj, one does not carry the balanced 
moments back and forth between a key-joint A and its adjacent joints i 
TS eee n) in repeated times until the carry-over moments become 
negligibly small. As shown in Fig. 2, there is only a single cycle of moment 
balancing for each input of moment at key-joint A. One can then perform the 


carry-over procedure by using the factor -1. Physically, it means that instead 


of releasing joint by joint we are releasing a group of joints (joint A and 


joint 1, where 1 -1,.2,....+. n) at one time. Therefore this technique may 
be called a “Group-relaxation process.”(9) 


a 
2 
| 
| F4 + | 4 
¢ of the 
and Ai = D. Tai -TiA ( 
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Mrai| Mraz 


Meat —> 
Ca 


A 


B 


Tu jv 
' A 
and Vig, Na, hy --- are the distribution factors of the Cross method 


Fig. 2 General procedure of Group-Relaxation. 


1. Single Key-joint System 


For rigid bents which can be repre- 
sented by an equivalent single key- Mris |Mria 
joint system, the solution is simple 
and direct. As shown in Fig. 3, the 
moments are obtained through the 
one-step distribution. 


Notice Mpai =Mpja=(1/2)SaiLai (5) 
! 


2 
' ' Mri = 4 pi) 
My (8) Fig. 3 Group-Relexa- 


tion of a Single Key- 


joint System. 
A numerical illustration of this 


system is given in Example 1 below. 


2. Multiple Key-joints System 


The calculation of this system can be carried out in a diagrammatical 
form similar to the Cross method of moment distribution. The example of 
Mr. Goldberg is presented by this method as an illustration and a comparison. 
(See Figs. 5 and 6) The whole process is self-explanatory and the results 
obtained approximate those of Mr. Goldberg. 

Much of the numerical work can be reduced by first calculating the mo- 
ments at the key-joints only. After Maj is known the Mja values can be 
computed readily from the Eq. (8). A condensed form of Example 2 is given 
by Fig. 6b, which is based on this reasoning. 


: 
. 
Raa real 
Mrai 
Meat 
Agi ——» Mail) 
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Example l. A three-story bent 
150| 70 0 
40 =Mae 
040, ° 
1 
Da = (0 20X0.4040.20x0.20 )=088 
Rai 1-02)= 018! 
2 = 0.136 
Mai = 110 fk 200- no=9FO = 
Fige 4 Analysis of a Three-Story Bent by Group- 
Relaxation. 
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Example 2. A multi-story bent 
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Fig. 5 
of a Multi-Story Bent. 
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(b) Short Cut Form 


(a) Illustrative Form 


Fig. 6 Analysis of a Multi-Story Bent by Group-Relaxetion 
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EARTHQUAKE DESIGN CRITERIA FOR STACK-LIKE STRUCTURES* 


Discussion by George W. Housner 


GEORGE W. HOUSNER,! A.M. ASCE.—The proper earthquake resistant 
design of structures in seismic regions is a problem that deserves engineer - 
ing study, and stacks form an important class of such structures. It is gen- 
erally agreed that the earthquake resistant design of structures should be 
governed by the following conditions: 


1. All parts of a structure should have essentially the same factor of 
safety. 


2. Structures of different physical characteristics, such as different 
masses or different stiffnesses, should have essentially the same factor of 
safety. 


3. The basic strength should be such as to insure satisfactory behavior of 
the structures in the particular seismic regions where they are erected. 


The author has aimed at satisfying these three conditions but inasmuch as 
his paper is very condensed, some explanatory comments may be in order. 
Items (1) and (2) above are explained by means of the so-called earthquake 
response spectrum. An explanation of the use and calculation of the spectrum 
curves is given in references (1) and (2) to this discussion. When thought of 
in terms of a one-degree-of-freedom structure the acceleration spectrum S, 
gives the maximum acceleration experienced by the structure during the 
earthquake. The values of S, are plotted over a range of periods of vibration 
and for different amounts of damping. From the Sg curves for a certain 
earthquake motion it is possible to read off the maximum acceleration ex- 
perienced by a simple structure of any specified period and damping. The 
spectrum curves are thus a species of influence diagram and they charac- 
terize the structural effect of the ground motion. Spectrum curves may also 
be drawn for the maximum displacement Sg or for the maximum velocity Sy. 
There is a simple relation between the three spectra as follows: 
2n 


S.: 7 S, 


= Period of vibration 


a. Proc. Paper 1696, July, 1958, by John E. Rinne. 
1. Asst. Prof., Applied Mechanics, California Inst. of Tech. Pasadena, Calif. 
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The velocity spectrum, which indicates the maximum energy (1/2 m v2) 
attained by the structure, is the most convenient to work with since the division 
and multiplication by the period T gives the S, and Sq curves highly dis- 


torted shapes. So far, satisfactory spectrum curves of really strong ground 
motion have been calculated for the two horizontal components of each of the 
following shocks: 


El Centro, California, 18 May 1940 (2.7) 
El Centro, California, 30 Dec. 1934 (1.9) 
Olympia, Washington, 13 April 1949 (1.9) 
Taft, California, 21 July 1952 (1.6) 


These ground motions were recorded at various distances from the center 
of the shock, the most distant being the Olympia record at 45 miles. The 
durations of the strong motion ranged between 15 and 25 seconds for the dif- 
ferent shocks. The appearances of the eight accelerograms were very simi- 
lar. The computed spectra were also very similar in appearance and when 
the eight normalized spectra were averaged there was obtained the average 
velocity spectra shown in Fig. 1. The numbers opposite the earthquakes 
listed above are the multiplying factors to be used on the average spectra to 
make them represent the four ground motions. 

The six velocity spectrum curves shown in Fig. 1 are for different per- 
centages of critical damping in the structure. Fig. 2 shows the same data 
plotted in the form of acceleration spectra. These spectra may be used to 
evaluate the maximum responses of the first three modes of a stack and to 
compute the corresponding envelopes of moment and shear. When this is 
done, it is found that large bending moments result. If a stack is designed 


for these bending moments it will be much stronger than conventionally de- 
signed stacks. This does not mean that the conventionally designed stack 
would necessarily collapse if subjected to such ground motion, for if the stack 
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is overstressed during the earthquake the energy dissipated by plastic yield- 
ing and cracking may be equivalent to having 40% or more of critical damping 
and correspondingly lower bending moments would be experienced. The ques- 
tion then is, what per cent damping should be used for the design? Unfor- 
tunately, the energy dissipation of highly-stressed concrete stacks during vi- 
bration is not well-known. 

In the case of a reinforced concrete stack it is known that during moderate 
vibrations the stack will have approximately 8% of critical damping. During 
more severe vibrations, tension cracks will develop and there may be some 
plastic deformation of the reinforcing bars. If the cracking, etc., is not too 
severe it can be expected that the net effect will be to increase the damping 

¢ without otherwise seriously affecting the behavior of the stack. If the vibra- 
tions are so severe as to cause serious damage and to make the stack behave 
as a strongly non-linear structure rather than as a linearly elastic structure, 
j a special method of analysis is required. In earthquake resistant design the 
££ usual thinking is to avoid serious damage but to tolerate moderate cracking, 
; etc., in the event of especially severe ground motion, although the dividing 
line between the two cases is not readily established. 

One way of looking at the problem is to say that the design should be based 
on a heavily damped spectrum curve, say 20% damping, but that the curve 
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should be multiplied by a reduction factor that brings a stiff structure to ap- 
proximately a 20%g design. This is essentially what the author has done. He 
proposes the use of the spectrum curve 


0.08¢g 


ft per sec? (T >0.25) 
or 


This spectrum is shown in Figs. 1 and 2 as the dotted lines marked R where 
it is seen that as regards its shape it is an approximation to the zero damped 
spectrum. The curves marked R in Figs. 3 and 4 are the same spectrum 
drawn to scale. The curves marked A in Figs. 3 and 4 are the smoothed 20% 
damped spectrum curve drawn to a scale that corresponds to a 20%g load for 
low period structures. As seen in Figs. 3 and 4, the spectrum marked R 
gives values that are relatively too high in the short period range and rela- 
tively too low in the long period range. To avoid this, the author suggests 
upper and lower bounds shown as the lines marked Rj and Rg. The spectrum 
curve marked RjRRg is thus the recommendation of the author. 


The curve marked A in Figs. 3 and 4 is represented closely by the alge- 
braic expression 


a (1) 


POLIOL ) 


Fig. 3. Velocity Spectra for Design 
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Fig. 4. Acceleration Spectra for Design 


Ss, ft per sec 


The curve marked RjRRpg is represented by the three segments 


a) = 0.2g (O< T<O, 4) 

0.082 
b) S. = (0.4<T~ 1.0) 
c) S, = 0.08 (1.0< T~ 3) 


Segment a) agrees well with curve A; segment b) diverges from curve A by 
as much as 25%; segment c) diverges by more. It appears to be the use of 
segment b) that causes difficulty in approximating curve A; in fact, if this 
segment is omitted a good fit to curve A is given by two straight lines. 


S, = 0.2g (O<T<0. 4) 
0,03 015" 
OST,  (0.4<T< 3.0) 


The author further recommends the use of a reduction factor 
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where T, is the period of the first mode of the stack. If the curve RjyRRg is 
multiplied by this factor, it would represent the spectrum curve to be used for 
the first mode (but not for the higher modes). This reduced curve is shown 
in Fig. 3 where it is marked Rg. The curve R,Rg is thus indicative of the 
spectrum proposed by the author. 

In setting up design rules, it can be expected that there would be differences 
of opinion on such matters as the magnitude of design forces to be used and 
the allowable stresses to be used, and the degree of approximation to be 


tolerated in order to achieve simple design formulas. Some comments on 
these questions are: 


1. The general approach of basing the design on a spectrum curve and the 
first three modes of a stack is a very reasonable approach that takes into ac- 
count the characteristics of the ground motion and the dynamic properties of 
the structure. 


2. The use of a reduced spectrum, i.e., counting on overstress to produce 
sufficient damping, seems better founded for concrete stacks than for steel 
stacks. It was observed in the 1952 Arvin-Tehachapi earthquake that the plate 
of a steel stack buckled under overstress. How to correlate local buckling 
with the collapse of a stack is not clear. Neither is it clear how the total 
possible energy absorption of a vibrating steel stack compares with that of a 
concrete stack. In view of this, it seems that the design of steel stacks re- 


quires special consideration, and the design rules might be different than for 
concrete stacks. 


3. There would seem to be some advantage in simplicity and accuracy in 
basing the design on spectrum curve A. 


4. The use of a triangular moment distribution for a uniform concrete 
stack as recommended by the author is not unreasonable if a simplified dis- 
tribution is desired. 


5. It would be desirable to have the results of some more or less exact 


analyses to compare with the design proposals. Ideally, the following informa- 
tion would be desirable: 


a) Analyses of the behavior of some stacks of different proportions by 
machine computations as was done by Mr. Isada (reference 3 of author’s 
paper). 


b) Each stack to be subjected to at least two different strong ground mo- 


tions so as not to be mislead by possible special features of a particular 
earthquake. 


c) The computations to be made for heavily damped stacks, say 40-50% 
of critical damping. 


If the results of such computations are not obtainable, the next best infor - 
mation would be to make such computations on the basis of the 40% damped 
spectrum curve of Fig. 1, computing the response of each mode separately. 


6. It would be very desirable to have information on the energy absorbing 
capacity of strongly vibrating stacks. One possibility would be to conduct 
laboratory experiments on small-scale models. 
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WIND FORCES ON STRUCTURES: 
FORCES ON ENCLOSED STRUCTURES* 


Discussion by Herbert S. Saffir 


HERBERT S. SAFFIR, ! M. ASCE.--The writer concurs with Mr. Singell’s 
statement that surprisingly little interest is taken in the proper application of 
wind forces. Even in the coastal area of Florida, where one out of every 
seven hurricanes occurring may be expected to strike the Florida mainland, 
many building codes are not up to date and do not reflect studies of data 
available for design against wind forces. The writer has seen many cases of 
highly rigorous structural analyses and designs based upon faulty assump- 
tions of wind loads and loading conditions. 

The data shown by Mr. Singell in Table 2 originally appeared in 1951 as a 
publication of the Swiss Engineers and Architects Association. A committee 
headed by the writer has used this material in the Miami area for several 
years. The material in Table 2 has been of considerable value; the writer 
believes this is the best compilation of coefficient data available anywhere 
for different building shapes. 

The presentation of the sketches and factors in Table 2 is unfortunately 
marred by several errors, some evidently made by the draftsman in copying 
the tables, and some by failure to convert certain figures from the metric to 
the English system. Comments and corrections for Table 2 are listed below. 
The writer trusts that Mr. Singell will verify these comments and revise 
Table 2 as required. 


Comments on Table 2 


In shapes 24, 26 and 28, coefficients are given for limiting values of dy q, 
where d = a linear dimension and q = pressure. The values in the original 
tables were based on metric units, and dy/ q was shown originally as 


meters _ke 
meters 


The proper conversion factor for changing meters y 


kg. 
ahem to feet 


y 2 should be applied, changing the value of dq from 1.5 to 2.3 and 


from 7.5 to 11.3 in Shape 24, and changing the value of dl q from 1.5 to 2.3 
in Shape 26 and Shape 28. 


Shape No. 2: detail “n” Cpa should be -0.8 instead of -0.6 


Shape No. 4: External pressure coefficient for 0° horizontal angle of at- 
tack at H should be -0.6 instead of -0.5 


a. Proc. Paper 1710, July, 1958, by Thomas H. Singell. 
1. Asst. County Engr., Dade County, Miami, Fla. 
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Shape No. 8: Ratio of h:b:1 should be 2:1:2 instead of 2:1-2 


External pressure coefficient for 90° horizontal angle of attack at B should 
be -0.6 instead of -0.5 


Shape No. 10: 


External pressure coefficient for 45° horizontal angle of attack at G 
should be -1.0 instead of -0.1 


Shape No. 11: 

Friction in wind direction should be 0.1 q-b-1 instead of Qy-q-b-1 
Shape No. 12: 

The horizontal angle of attack shown as 0° + 180° should be 0° + 90° 
Shape No. 17 and subsequent shapes: 

Tangential acting friction should be 0.1 q-b-1 instead of 0.1 q:b:1 


Shapes No. 18 and 19: 
Roof should be +30° instead of -30° 


L = 5 should be L = 5b in Shape 18 


Shapes No. 20 and 21: 
Roof should be +10° instead of -10° 


End surface coefficient for Shape No. 20 for 90° horizontal angle of attack 


at J should be +0.8 instead of -0.8 
Shape No. 24: 


External pressure coefficient for sphere for 30° should be +0.5 instead of 
+6.5 
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ANALYSIS OF FINITE BEAMS ON ELASTIC FOUNDATION® 


Discussion by Dronnadula V. Reddy 


DRONNADULA V. REDDY.!—The author is to be commended for develop- 
ing a simple iteration procedure for the solution of beams on elastic founda- 
tions. During recent years keen interest has been evinced in numerical 
procedures and formal mathematical solutions have been rendered easily 
applicable to practical problems through the medium of iteration. However, 
in many physical problems suitable approximations simplify classical 
methods of analysis and offer solutions which compare favorably with those 
obtained by iteration. A well known example of the above mentioned approach 
is the approximation of the true shape of the elastic line by the summation of 
a sequence of curves represented by trigonometric series. These simplified 
methods retain the parametric form in the solutions and permit generaliza- 
tion. Apart from the advantages gained from superposition, the elastic para- 
meters in the solutions considerably aid design concepts. 

The application of Fourier Series to the analysis of beams on elastic 
foundation has been described by Hetényi.(1) However, the different end 
conditions encountered limit the range and ease of applicability of Fourier 
series. By replacing the sine and cosine functions in harmonic analysis by 
functions of a more complex nature a method analogous to harmonic analysis 
is obtained. The analogous method now known as the “Basic Function” 
method was first described by Inglis(2) who referred to it as a ‘glorified 
harmonic analysis.’ The procedure has been successfully applied to several 
complex structures by Jaeger.(3) Hendry and Jaeger(4) give a comprehensive 
account of the method in a recent publication. 

By applying the basic function theory, Hendry(5,8) has developed an 
elegant and rapid procedure for the analysis of beams on elastic foundations. 
The differential equation 


+ky = wx) (1) 


is satisfied by the function 


y= Fod=A (Cosh @x +B CosOx) + C(Sinh@x + DSin Ox) (2) 


where A, B, C are constants. 
" Successive differentation of Equation (2) indicates that the load distribution 

j is similar to the deflection profile. The first set of parentheses contains a 

function symmetrical about the midspan and the second set an antisymmetrical 


a. Proc. Paper 1722, July, 1958, by Denos C. Gazis. 
1. Research Student, Dept. of Building Science, Univ. of Liverpool, England. 
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function. These functions are known as basic functions. The symmetrical 
functions will be denoted by Fy (x), Fg (x), and the anti-symmetrical 
functions by F2(x), F4(x)1 ---- Considering the symmetrical and anti- 


symmetrical functions separately and applying the appropriate boundary 
conditions for a beam of length i.e. 


_ d3y _ 
at x tt, = -O 


gives a series of values for @. Putting @, = far the first two solu- 


tions for the symmetrical functions are @ = a a and 0; = 257 
and the first solution for the anti-symmetrical functionis 0, - 237 
The applied load w(x) can be represented by the series 


w(x) = 2 Cd 


Multiplying both sides by F(x) and integrating from x = - 3 
gives 


Ly, 209 bs 
Sy, 


Wy = 


4, 
The values of F,,(x) and be ln Cy] “cx for the first three basic 
2 


functions 400, Cx) have been plotted by Hendry(5) and are 


replotted in Figs. 1 to 3. Since the load distribution is similar to the deflec- 
tion distribution 


(5) 


Substituting the values of y(x) and w(x) in Equation (1) yields 


nth value of @ in Equation (2) 
flexural rigidity of the beam 
A = foundation modulus. 


Substitution of Q, values obtained from Equation (6) in Equation (5) gives 
the deflected form of the beam measured from the axis of a beam of infinite 
flexural rigidity. By differentiating Equation (5) twice the moment expression 
is obtained. Superposition of the deflection and moment values thus calcu- 
lated on the corresponding values for an infinitely rigid beam gives the final 


(3) 

J 

4 

h 2 
where ) 
=. 


yf 


DISCUSSION 1857-75 


Va D, =/506 
Sf = 28-14 


. Basic Funcrions 
CYL MEASURED FROM CENTRE OF 
FUNCTIONS SymmaeTRIcAL ABouT 


2-50 
Lin = 698L 


Fig.2. Basic Funcrions AND $,(x) 
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dx = /5700. 
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values. A concentrated load W may be replaced by the series 


(7) 


The method of analysis described is easily extended to beams with variable 
flexural rigidity.(6) 

The basic function method is illustrated by spplicetion to the solution of 
the problem in the author’s paper. The load w(x) and deflection y(x) are 
resolved into the following basic series. 


w(x) = + + ACY (8) 


Y = + +034) (9) 


From Equation (7) 


-O0.095 kips/ft. 


-0-/O7 kips/ft. 


& 


- 00-0264 kips/ft. 


From Equation (6) 


Q = -0.0003// ft. 
Q3= ~0-0000092 ft, 


-O-000/07 ft. 


Differentiating Equation (9) twice yields the moment expression 


1 
M = BC) + Pa) + 2 4,00] (10) 


-679 B®) + 84-2 £20) -3-:7 


The computations are tabulated in Tables I and II and the deflection and 
moment values obtained are compared with those in the paper in Fig. 4. 
The “Beam on Elastic Foundation” theory has many fields of application 

which are related by the similarity in mathematical formulation. Hetényi(1) 
has covered a wide range of problems in his comprehensive treatment of the 
subject. The basic function method can be applied to many of these problems. 


a) 
j 
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+0. 25 
| 
| [| 0 | | 
Pa(x) +244. 70 ~155 +244, 70 
(x) |-0.0402 | 20.0087 | 
7 )270 


80 
4 


3,F,(x) |-0.0270 | 40.0171 | -0.0192 | +0.0171 
= (x)}-0.1826 | +0.0568 | +0.0052 | -0.0152 | -0.0017 


Rigid +0.2593 | +0.1481 | +0.0370 | -0.0741 
Beam 
Total +0. 2378 +0. 3161 +0.1533 +0.0218 -0. 0758 
Deflection 
ins. 


TABLE I - DEFLECTION COMPUTATION. 
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TABLE II-MOMENT COMPUTATION, 


Moment 
(ft.Kips) 
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(EM1)°, 1521(1R1)°, 1522(ST1)°, 1523(WW1)°, 1524(HW1), 1525(HW1), 1526(HW1)°, 1527(HW1), 


FEBRUARY: 1528(HY1), 1529(PO1), 1530(HY1), 1531(HY1), 1532(HY1), 1533(SA1), 1534(SA1), 1535(SM1), 
1536(SM1), 1537(SM1), 1538(PO1)°, 1539(SA1), 1540(SA1), 1541(SA1), 1542(SA1), 1543(SA1), 1544(SM1), 
1545(SM1), 1546(SM1), 1547(SM1), 1548(SM1), 1549(SM1), 1550(SM1), 1551(SM1), 1552(SM1), 1553(PO1), 
1554(PO1), 1555(PO1), 1556(PO1), 1557(SA1)°, 1558(HY1)°, 1559(SM1)°. 


MARCH: 1560(ST2), 1561(ST2), 1562(ST2), 1563(ST2), 1564(ST2), 1565(ST2), 1566(ST2), 1567(ST2), 1568 
(WW2), 1569(WW2), 1570(WW2), 1571(WW2), 1572(WW2), 1573(WW2), 1574(PL1), 1575(PL1), 1576(ST2)°, 
1577(PL1), 1578(PL1)°, 1579(ww2)°, 


APRIL: 1580(EM2), 1581(EM2), 1582(HY2), 1583(HY2), 1584(HY2), 1585(HY2), 1586(HY2), 1587(HY2), 1588 
(HY2), 1589(IR2), 1590(IR2), 1591(TR2), 1592(SA2), 1593(SU1), 1594(SU1), 1595(SU1), 1596(EM2), 1597(PO2), 
1598(PO2), 1599(PO2), 1600(PO2), 1601(PO2), 1602(PO2), 1603(HY2), 1604(EM2), 1605(SU1)¢,1606(SA2), 
1607(SA2), 1608(SA2), 1609(SA2), 1610(SA2), 1611(SA2), 1612(SA2), 1613(SA2), 1614(SA2)°, 1615(1R2)°, 1616 
(HY2)¢, 1617(SU1), 1618(PO2)°, 1619(EM2)°, 1620(CP1). 


MAY: 1621(HW2), 1622(HW2), 1623(HW2), 1624(HW2), 1625(HW2), 1626(HW2), 1627(HW2), 1628(HW2), 1629 
(ST3), 1630(ST3), 1631(ST3), 1632(STS), 1633(ST3), 1634(ST3), 1635(ST3), 1636(ST3), 1637(ST3), 1638(ST3), 
1639(WW3), 1640(WW3), 1641(WW3), 1642(WW3), 1643(WWS3), 1644(WW3), 1645(SM2), 1646(SM2), 1647 
(SM2), 1648(SM2), 1649(SM2), 1650(SM2), 1651(HW2), 1652(HW2)°, 1653(Ww3)°, 1654(SM2), 1655(SM2), 
1656(ST3)°, 1657(SM2)°. 

JUNE: 165&AT1), 1656(AT1), 1660(HY3), 1661(HY3), 1662(HY3), 1663(HY3), 1664(HY3), 1665(SA3), 1666 
(PL2), 1667(PL2), 1668(PL2), 1669(AT1), 1670(PO3), 1671(PO3), 1672(PO3), 1673(PL2), 1674(PL2), 1675 
(POS), 1676(PO3), 1677(SA3), 1678(SA3), 1679(SA3), 1680(SA3), 1681(SA3), 1682(SA3), 1683(PO3), 1684 
(HY3), 1685(SA3), 1686(SA3), 1687(PO3), 1688(SA3)°, 1689(P03)°, 1690(HY3)°, 1691(PL2)°. 


JULY: 1692(EM3), 1693(EM3), 1694(ST4), 1695(ST4), 1696(ST4), 1697(SU2), 1698(SU2), 1699(SU2), 1700(SU2), 
1701(SA4), 1702(SA4), 1703(SA4), 1704(SA4), 1705(SA4), 1706(EMS3), 1707(ST4), 1708(ST4), 1709(ST4), 1710 
(ST4), 1711(ST4), 1712(ST4), 1713(SU2), 1714(SA4), 1715(SA4), 1716(SU2), 1717(SA4), 1718(EM3), 1719 
(EM3), 1720(SU2), 1721(ST4)°, 1722(8T4), 1723(ST4), 1724(EM3)°. 


AUGUST: 1725(HY4), 1726(HY4), 1727(SM3), 1728(SM3), 1729(SM3), 1730(SM3), 1731(SM3), 1732(SM3), 1733 
(PO4), 1734(PO4), 1735(PO4), 1736(PO4), 1737(PO4), 1738(PO4), 1739(PO4), 1740(PO4), 1741(PO4), 1742 
(PO4), 1743(PO4), 1744(PO4), 1745(PO4), 1746(PO4), 1747(PO4), 1748(PO4), 1749(PO4). 


SEPTEMBER: 1750(1R3), 1751(IR3), 1752(IR3), 1753(1R3), 1754(1R3), 1755(STS), 1756(STS), 1757(STS), 
* 1758(STS), 1759(ST5), 1760(ST5), 1761(STS), 1762(STS), 1763(STS), 1764(STS), 1765(WW4), 1766(WW4), 

1767(WW4), 1768(WW4), 1769(WW4), 1770(WW4), 1771(WW4), 1772(WW4), 1773(WW4), 1774([R3), 1775 
(IR3), 1776(SA5), 1777(SA5), 1778(SA5), 1779(SAS), 1780(SA5), 1781(WW4), 1782(SAS), 1783(SA5), 1784 
1785(wwa4)°, 1786(SA5)°, 1787(STS)°, 1788(IR3), 1789(WwW4). 


OCTOBER: 1790(EM4), 1791(EM4), 1792(EM4), 1793(EM4), 1794(EM4), 1795(HW3), 1796(HWS3), 1797(HW3), 
1798(HW3), 1799(HW3), 1800(HW3), 1801(HW3), 1802(HW3), 1803(HWS), 1804(HW3), 1805(HW3), 1806 
(HYS), 1807(HYS), 1808(HY5), 1809(HYS5), 1810(HYS), 1811(HY5), 1812(SM4), 1813(SM4), 1814(ST6), 1815 
(ST6), 1816(ST6), 1817(ST6), 1818(ST6), 1819(ST6), 1820(ST6), 1821(ST6), 1822(EM4), 1823(POS), 1824 
(SM4), 1825(SM4), 1826(SM4), 1827(ST6)°, 1828(SM4)°, 1829(HW3)°, 1830(PO5)°, 1831(EM4)°, 1832(HY5)° 


NOVEMBER: 1833(HY6), 1834(HY6), 1835(SA6), 1836(ST7), 1837(ST7), 1838(ST7), 1839(ST7), 1840(ST7), 
1841(ST7), 1842(SU3), 1843(SU3), 1844(SU3), 1845(SU3), 1846(SU3), 1847(SA6), 1848(SA6), 1849(SA6), 
1850(SA6), 1851(SA6), 1852(SA6), 1853(SA6), 1854(ST7), 1855(SA6)°, 1856(HY6)°, 1857(ST7)°, 1858 

(su3)°. 


c. Discussion of several papers, grouped by divisions. 
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